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Preface

The main goal of this introductory text is to demonstrate how basic concepts in
Soil Mechanics can be used as a “forensic” tool in the investigation of
geotechnical failures. This, in turn, provides a good opportunity to show how to
use available procedures in the formulation of useful simple models. Geotechnical
failure is understood here in a broad sense as the failure of a structure to function
properly due to a geotechnical reason.

Some of the geotechnical failures selected are well known for their impact on
the geotechnical community. Others are closer to the author’s experience. They
have been organized into three main topics: Settlement, Bearing Capacity and
Excavations. They cover a significant proportion of every day’s activity of
professional geotechnical engineers. No attempt has been made to create a
comprehensive handbook of failures. Instead, the emphasis has been given to
creative applications of simple mechanical concepts and well known principles
and solutions of Soil Mechanics. The book shows how much can be learned from
relatively simple approaches. Despite this emphasis on simplicity, the book
provides a deep insight into the cases analyzed. A non-negligible number of new
analytical closed-form solutions have also been found. Their derivation can be
followed in detail.

In all the cases described an effort was made to provide a detailed and step by
step description of the hypothesis introduced and of the analysis performed. Each
of the eight chapters of the book addresses a certain type of failure, illustrated by a
case history. The chapters have a common structure which is essentially the
following:

Case description
Relevant theory
Mechanical analysis
Mitigation measures
. Lessons learned

The chapters are self-contained. They provide a review of Soil Mechanics
principles and methods required to understand and explain the failure described. In
some cases the analysis offered provides a non-conventional application of basic
principles.

An often asked question regarding failures is how to avoid them. This is of
great practical interest and a section of each chapter is dedicated to provide a few
solutions. The chapters are completed with a summary of lessons learned from the
failure and its analysis. Some chapters also include a short account on advanced
topics to help the interested readers to go beyond the approaches used in the book.

Readers are expected to be familiar with the basic concepts of Soil Mechanics
and Foundation Engineering. The target audience is undergraduate and graduate
students, faculty and practicing professionals in the fields of Civil and
Geotechnical Engineering.
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Interaction between Neighbouring Structures:

Mexico City Metropolitan Cathedral, Mexico
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Chapter 1
Interaction between Neighbouring Structures:

Mexico City Metropolitan Cathedral, Mexico

1.1 Case Description

The Metropolitan Cathedral in Mexico City (Fig. 1.1) is one of the most
spectacular and important architectural monuments in the Americas. It was built in
the sixteenth century on extremely soft lacustrine clays over the remains of ancient
Tenochtitlan — the lake capital of the Aztec empire (Fig. 1.2).

Alarmingly large differential settlements of the Cathedral and the adjacent
Metropolitan El Sagrario parish church have accumulated over the centuries and
presently threaten the stability of the structures.

Figure 1.1 The Metropolitan Cathedral and El Sagrario parish church in Mexico City (©
David Alayeto).

1.1.1 Construction

Construction of the Metropolitan Cathedral was started around 1560. Its shallow
foundation rests on the artificial fill layer placed over alternating thick layers of
very soft saturated lacustrine clay and sand (Fig. 1.3). The foundation is built on a
3.5 m thick basement made from a grid of masonry and beams, placed over a 2 m
thick layer of rock masonry which rests on a 30 cm thick grid of short stakes. This
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Figure 1.2 Ancient Tenochtitlan (from the mural painting at the National Museum of
Anthropology, Mexico City ©. Painted in 1930 by Dr. Atl).
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Figure 1.3 Cross-section and the soil profile of the Cathedral and El Sagrario (after Guerra,
1992, reprinted with permission from the Vol. 24, No. 1-2, 1992 issue of the APT Bulletin,
The Journal of the Association for Preservation Technology International).



6 Geomechanics of Failures Chapter 1

foundation system was borrowed from existing local pre-Hispanic practice (a
sensible thing to do). The building was made of rock masonry. Its footprint is
about 60 m wide and 125 m long, has five naves, a central dome, and two 60 m
high east (E) and west (W) bell towers (Fig. 1.4). The average pressure transmitted
by the structure to the soil is about 166 kPa (after Santoyo and Ovando, 2002).

The Metropolitan Sagrario parish church was built between 1749 and 1768
(i.e. almost two centuries later). Its foundation consists of a 1.2 m thick rock
masonry platform resting on a grid of wooden stakes placed over a 30 cm thick
bed of mortar. The footprint of the church (Fig. 1.4) is about 47 by 47 m and the
average pressure transmitted to the soil is about 132 kPa.

1.1.2 The history of settlements

It is well documented that the cathedral has undergone continuous differential
settlements since the earliest stages of its construction. This can be also deduced
from the considerable variations in the foundation platform thickness, different
lengths of the columns, and wedged masonry layers.

Surveys performed in 1907 revealed differential settlement of more than 1.5
m between the apse and the western tower (Fig. 1.4); in 1972, this settlement
reached 2.2 m and exceeded 2.4 m in 1990. The western tower settled 1.25 m
more than the eastern. El Sagrario tilted in the opposite direction with the
differential settlement of 0.50 m. In April 1989, heavy rainfall caused leakage,
revealing severe cracking along the building’s southeast-northwest direction.

Differential settlements continued to increase, in spite of a number of
underpinning attempts undertaken in the past. Between 1930 and 1940, the
existing foundation was reinforced and a huge foundation raft was incorporated
into it. The behaviour of the cathedral temporarily improved. In 1972, the
cathedral was underpinned with piles provided with a device allowing for the
magnitude of the pile load to be controlled. This measure could have been very
effective in leveling the cathedral, provided the piles functioned as expected.
Unfortunately, due to the difficulties during pile driving, many piles ended up
defective or too short, with significantly reduced bearing capacity.

1.1.3 The problem

As often happens in geotechnical engineering, a number of possible factors
contributed to the differential settlements. Among these factors is the construction
of the deep drainage pipe along the southern facades of the Cathedral and El
Sagrario and of the subway tunnel along the eastern side of El Sagrario (Fig. 1.4).
While these factors could help to explain the south-eastern tilt of El Sagrario, they
fail to account for the western tilt of the Cathedral.

One of the major factors contributing to the settlements in the Mexico City is
the regional subsidence as a consequence of the consolidation of the soft clay
layers. It results from the over-exploitation of deep aquifers and the rapid drop in
the groundwater level (from 3.5 m below the surface in 1972 to 7.4 m in 1990).
But if the groundwater level drops uniformly in the entire region, how can this
bring about differential settlements?
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This  “paradox” can be
explained by non-homogeneous
distribution of layer thickness and
compressibility within the soft
clay deposits underlying the
Cathedral (Fig. 1.3). These
variations, however, are only
partially due to the natural
geological reasons, which
account, according to some
estimates (Guerra, 1992), for
about 20% of the total differential
settlement. A much greater effect
on this compressibility variation
may have the loading history (Fig.
1.5) and interaction between
neighbouring structures, which is
the main focus of this chapter.

» Underground

‘GD’-?}‘

Drainage pipe

Figure 1.4 Plan of the Cathedral and El
Sagrario (after Santoyo and Ovando, 2002).
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1500
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Figure 1.5 Location (relative to the Cathedral and El Sagrario) of the Aztec temples
destroyed by Cortés in August 1521 (after Santoyo and Ovando, 2002).
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1.1.4 The loading history

Historical records indicate that the Cathedral and El Sagrario were built over the
remains of an ancient Aztec temple. The temple was destroyed by Spanish
conquistador Hernando Cortés in August 1521, after Tenochtitlan — the capital of
the Aztec empire — fell to his army. The largest (and the heaviest) pyramid of the
temple (Fig. 1.5) stood within the El Sagrario footprint. Effects of this loading
history on differential settlements of the Cathedral and on its interaction with El
Sagrario are studied below.

1.2 The Theory

The theory for the analysis of the interaction between the neighbouring structures
is best illustrated using the problem of two silos (Fig. 1.6a). We will consider an
example of two square 10x10 m? silos A and B built at a 2 m distance (Fig. 1.6b).
The contact pressure g = 200 kPa. The groundwater level is at the top of the 30 m
deep, normally consolidated clay layer underlain by incompressible rock. The
interaction between the two silos will be explored in the following three scenarios:

1) Silos A and B are built simultaneously;
2) Silo B is built after Silo A;
3) Silo B is built after Silo A is built and removed.

But first, some necessary theory will be recalled.

2m

10 m 10m ‘

Silo A| |Silo B

40 m

200 kPa| |200 kPa

triffony

C.=06
£ C,=0.1
= €;=2.0
y=20 kN/m’
- T

(b)

Figure 1.6 Two neighbouring silos: (a) a failure case (Bozozuk, 1976; © NRC Canada); (b)
example.

S
|
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1.2.1 Stresses
A total vertical stress increment Ac, at a depth z under a corner of a rectangular

area g xb loaded by a uniform vertical load g is given by
Ao, :qJ(a,b,z), (1.1)

where J is an influence factor (Lang et al., 2007):

1 ab)\ abz 1 1
J =—]| arctan| — |+ — +—711, 1.2
275{ (Rz] R (az+z2 b2+zzﬂ (12)

where R> =a’ +b* +2°.

The influence factors for the pressure due to Silo A at points E,, E,, E;, and E,4
on the centerline of the footings of both silos are determined using the
superposition of real and fictitious foundations (Fig. 1.7). This is necessary
because Equations (1.1) and (1.2) only provide stresses below the corner of the
loaded area. Figure 1.7 and the superposition procedure are explained below.

Points E and E, Point E,
! 7
a=5m a=>5>m
E, K L E, EZ%E3
a=5m a=>5 mI
1 &
b,=2m
b=10m I—
b=12m
Silo A | [Silo B Ip=lg,=21@.b,z)  Jp=2J(a,b,2)-2J(a,b,, 2)
Point E,
_ 7000

L.

b,=12m
b=22m
JE4= 2:J(a,b,z)-2-I(a,b,, 2)

Figure 1.7 Superposition of fictitious foundations: effects of pressure of Silo A on stresses
under points E—E,.
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The effect of Silo A on the vertical stresses below points E; and E, is
calculated by dividing the 10x10 m® silo foundation into two 5x10 m’ areas
having the same uniform load ¢. Then, points E, and E, are at the corners of these
two areas, and Equations (1.1) and (1.2) can be applied directly. Therefore, the
combined influence factor at points E; and E, 1is calculated as:
Jy, =Jy, =2J(5,10,2).

The effect of Silo A on the vertical stresses below the point E; is calculated by
fictitiously extending the real 10x 10 m” silo foundation by 2 m in order to include
the point E; into its shorter side. Then, this extended area is divided into two
5x12 m’ foundations having the same uniform load ¢. Since point Ej is at the
corner of these two foundations, Equations (1.1) and (1.2) can be applied directly.
The next step is to remove the effect of the added fictitious 2x10 m’ area
(hatched area in Fig. 1.7). This area is also divided into two 5x2 m® foundations
having the same uniform load g as previously. In this way the point E; is again at
the corner of these two fictitious foundations. The total influence factor is
obtained by subtracting the effect of the enlarged and the hatched areas as
follows: J, =2J(5,12,2)-2J(5,2,2).

The effect of Silo A on the vertical stresses below the point E, is calculated in
a similar way. The real 10x10 m” silo foundation is fictitiously extended by 12 m

(instead of 2 m) to include the point E4 into its shorter side, so that the added
fictitious part in this case has dimensions 12x10 m?®. The influence coefficient for

Ejisnow:J, =2J(5,22,z)-2J(5,12,2).

1.2.2 Settlements

In general, final settlement of a thin clay layer due to consolidation under the
effective stress increment Ac’ (which, by the end of the consolidation, is equal to
the total stress increment Ac’ = Ac ) is given by Figure 1.8:

Ap= (Ae +Ae, ) = AH (Cg logc—:”-i-CC log % +,ch. (1.3)
I+e, 1+e, G, c,
where o is the in-situ geostatic stress;
Ix is the void ratio;
o is the preconsolidation stress:
C, is the compression index;
C, is the swelling index;

AH is the layer thickness.

For normally consolidated clays (o’ = o} ),

o +A
Ap= AH Cclogc0 - °
1+e, o,
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For strongly overconsolidated clays (and during any unloading) (o, > o, + Ac),

o, +Ac

Ap = AH C, log
I+e,

’
0

For a thick clay layer, the stresses o, o; and Ac cannot be considered

constant with the depth of the layer. In this case, the settlement is calculated by
dividing the thick layer into a number of sublayers, sufficiently thin to consider
stresses ., o, and Ac being constant within each of them, and summing their

individual settlements: Ap = ZAP,' .

¢l

—
—

log ¢’

Figure 1.8 Final settlements in a thin layer of an overconsolidated clay.

1.2.3 Scenario 1: Silos A and B are built simultaneously

Figure 1.9 illustrates how settlements are calculated in Scenario 1. The adopted
notation is such that, e.g., Ac,, is the stress increment caused by foundation A

under the point E;; Ae, is the changing in void ratio under point E;. It contributes

to settlements under Es.
From Equation (1.1) and Figure 1.7 it follows (due to symmetry) that

Ac,, =Ac,, =Acy, = Acy, = Ag, (1.4)

Ac,, =Acy, < Aoy, =Ac,; <Aoc, (1.5)

which is true for all three scenarios. In Scenario 1, from Figure 1.9 it follows that
Ae; = Ae; > Aey = Ae; and the resulting settlements, calculated for our example in
Figure 1.6b by dividing the clay layer into three 10 m thick sublayers, are

p,=p,=1413cm > p, =p, =108.2 cm.
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Point E 1 Point E2

Figure 1.9 Schematic settlements in a thin layer in Scenario 1.

A numerical example of calculating the settlement under Point E; is presented
in Table 1.1.

Table 1.1 Calculated settlements under Point E;.

i Zj AH; yl 621 AGA1 Acm AGM Ap
() | (m) | (m) | (kN/m®) | (kN/m?) | (kN/m?) | (kN/m?) | (kN/m?) | (cm)
1 5 10 10 50 80 1 81 83.6
2 15 10 10 150 29 6 35 18.2
3 25 10 10 250 13 6 19 6.4

Total settlement 108.2

where, in Table 1.1, Ao, =¢q-2-J(a=10m,b=5m),
Ac, =q-[2-J(a=22m,b=5m)-2-J(a=12m,b=5m)]

Ao, =Ac, +Ac,.



Chapter 1 Geomechanics of Failures 13

1.2.4 Scenario 2: Silo B is built after Silo A

Figure 1.10 shows how settlements are calculated in Scenario 2. For each
foundation point, o, denotes the effective stress at the end of the Silo A

construction; c’f is the final stress at the end of the Silo B construction.

Point E, Point E,

Ac1

—
log ©

Figure 1.10 Schematic settlements in a thin layer in Scenario 2.

The stress increments in this scenario are still given by Equations (1.4) and
(1.5), and the void ratio increments Ae, > Ae, are the same as in Scenario 1. The
values of Ae; and Ae, are, however, different for the following reasons: (a) Silo
B is built on levelled ground and its settlements do not include the ground
deflections before its construction; (b) the same stress increment
Acg, = Aoy, = Ac causes a smaller increment Ae when applied at a larger initial
stress (in this scenario o', ), due to a non-linear (logarithmic) nature of the stress-
void ratio relationship (on the load axis, Acy, looks smaller than Acy,). The
resulting settlements for our case are

p,=1082 cm<p,=1413 cm p,=728 cm<p, =101.3 cm.
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Point E,

Point E,

3

log ¢' log &

Figure 1.11 Schematic settlements in a thin layer in Scenario 3.

1.2.5 Scenario 3: Silo B is built after Silo A is removed

Figure 1.11 demonstrates how settlements are calculated in Scenario 3. In this
scenario, the layer is first loaded from o; to o', , then unloaded back to oy,
which turns the clay from normal to overconsolidated, with o', being the
preconsolidation stress. The larger this stress is, the smaller the increment Ae is
going to be for the same stress increment Acy, = Acy, =Ac.

The resulting settlements of Silo B calculated for our example in Figure 1.6b
with three 10 m thick sublayers are

p; =458 cm<p, =972 cm.

1.2.6 Summary

The results of the above analysis are summarized in Figure 1.12. Symmetrical
differential settlements A = 33 cm in Scenario 1 are explained by simple
superposition of the stress bulbs under and outside the footings.

Scenario 2, however, produces asymmetric differential settlements which, at
first glance, are not obvious. The asymmetry here has a simple explanation: Silo B
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is built on levelled ground and its settlements do not include the ground
deflections which occurred before its construction. But in this case, why does this
silo has differential settlements at all? Indeed, if the soil was linear elastic, the
uniform contact pressure would result in zero differential settlements. The non-
linear (logarithmic) stress-void ratio relationship, however, implies that the same
stress increment causes a smaller settlement when applied at a larger initial stress
(i.e. as we get closer to Silo A). In other words, the ground, which experiences a
larger initial stress at the moment before loading, is denser and, therefore, less
compressible.

The latter argument is valid for Scenario 3 as well with an important
difference. In this case, at the moment before loading, the stress under Silo B is
uniform. But the soil has a memory of larger stresses closer to where Silo A used
to be. Therefore it is denser and less compressible at that side. Remarkably, this
scenario produces the largest differential settlements (Fig. 1.12)!

Another important observation: increasing the distance between the silos by
only 1 m would reduce the differential settlements by almost 30%!

Scenario 1 Scenario 2 Scenario 3

Figure 1.12 Summary of the silo interaction example.

1.3 The Analysis

The explored above silo model provides the understanding and the tools for a
simplified analysis of the differential settlements of the Mexico City Metropolitan
Cathedral.

1.3.1 Simplified model

A simplified geometry of the Cathedral and El Sagrario is presented in Figure
1.13a. The Aztec pyramid is assumed to have the same footprint as El Sagrario.
The corresponding average contact pressures are shown in Figure 1.13b (the
average height of the stone pyramid is assumed to be about 20 m, the unit weight
of stone y = 25 kN/m’). The simplified soil profile is shown in Figure 1.14a. From
a representative consolidation test in Figure 1.14b (curve of 1950):
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e,—¢ 48-24 . 3.1-26
“" log(100/10)

=70, C = =
% © log(o,/0,) log(600/200)

The two curves in Figure 1.14b demonstrate how much decrease in the void ratio
the clay experienced between 1950 and 1986 due to the consolidation caused by
the exploitation of the aquifer (samples were taken from the same stratum with a
34 years interval). Note that the compression and swelling indexes were not
affected by the consolidation.

Cathedral Pyramid )
125m 500 kN/m
— Cathedral .
2 Sagrario
M, M, M, g 166 kN/m 132 ka’m2
—_—— ——— — —? o |
Pyramid / o !
Sagrario M,
<1 —1 o}
| |
! 60 m © 50m 60 m © 50m |
(a) (b)

Figure 1.13 Simplified structural model: (a) plan; (b) contact pressure.

q
i — -35m
12m] Artificial fill  y'=10kN/m> = o
€ c
12 m: Clay '=2.7 kKN/md g
N S o
12 ml Clay g
1 >
12 m: Clay
) o 7 7 Z
Stiff horizon 2 T
10 100 1000
Effective stress (kPa)
(a) (b)

Figure 1.14 Geotechnical model: (a) simplified soil profile; (b) consolidation tests (after
Méndez, 1991; Ovando-Shelley et al., 2003).
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1.3.2 Settlements due to consolidation
The final settlements due to consolidation in the clay layers are calculated at the
points M;, M, and M; (marked in Fig. 1.13a) by dividing the clay layer into three
12 m thick sublayers (Fig. 1.14a), and following the subsequent loading sequence
(Fig. 1.13b):
- Stage I: the Pyramid (Ac,) is built and removed, then the ground is
levelled and the Cathedral (Ao, ) is built (Fig. 1.15);
- Stage II: the ground around the Cathedral is levelled and El Sagrario
(Aoy)is built (Fig. 1.16).

In Figures 1.15 and 1.16, the adopted notation is again such that, e.g., Acg; is
the stress increment caused by El Sagrario under point Mj; Ae; contributes to
settlements under point M. For each point M; — M;, o and o/ denote the
corresponding effective stresses at the beginning and at the end of the construction
stage, respectively.

Figure 1.16 Calculation of settlements: Stage II.
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The calculated settlements due to consolidation are given in Table 1.2. The
calculated differential settlements of the Cathedral are overestimated, indicating
that the loading history alone is not sufficient to explain them. The measured
settlement is smaller, probably because a part of the settlement took place during
the construction and was compensated in the process. The calculated differential
settlements of El Sagrario are of the correct sign but are significantly
underestimated, i.e. the loading history alone is not sufficient to explain them.

Table 1.2 Calculated settlements of the Cathedral and El Sagrario.

Settlement (cm) v Cathedral v MzEl Sa, rarloM3
Stage | 279.7 29.5 - -
Stage 11 35 16.1 16.1 21.1

Total 283.2 36.7 16.1 21.1
Differential 246.5 5.0
Measured in 1990 125.0 50.0

1.3.3 Settlements due to a drop in the groundwater level
Let us now explore how a drop in the groundwater level (GWL) would affect the
differential settlements of the Cathedral and El Sagrario by considering:
- Stage III: the global 4 m drop in the groundwater level (between 1972 and
1990).
Schematic calculation of settlements is illustrated in Figure 1.17. For each
point M; — M, o, and o', denote the corresponding effective stresses before and

after the drop in the GWL, respectively. As is seen, this drop will increase the
existing differential settlements, in spite of the fact that it causes a uniform stress
increment Ao, under both structures, because different points react to this stress

increase differently.

Figure 1.17 Calculation of settlements: Stage II1.
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At point M, the clay is normally consolidated, while at point M, it is
overconsolidated, therefore M, settles less than M;. Point M, settles less than M3,
in spite of the fact that the clay in both cases is overconsolidated. Below point My,
however, the existing stress is much higher than under M;. Therefore, the clay is
more compacted and experiences smaller settlements for the same stress increment
Ac, . Mathematically, this follows from the non-linear (logarithmic) nature of the

stress-void ratio relationship.

The calculated settlements due to a drop in the groundwater level are given in
Table 1.3. It appears that even if all the differential settlements of the Cathedral
were compensated during its construction, the 4 m drop in the water level would
be sufficient to cause the observed differential settlements. The calculated
differential settlements of El Sagrario are again of the correct sign but are
significantly underestimated, i.e. a global drop in the groundwater level is not
sufficient to explain them.

Table 1.3 Calculated settlements due to a global 4 m drop in the groundwater level.

Settlement (cm) MlCathedrale M2E1 Sagran(l)\/I :

Stage I11 133.5 11.5 11.5 14.3
Differential 122.0 2.8
Measured in 1990 125.0 50.0

One possible explanation for differential settlements of El Sagrario is the
effect of the subway tunnel excavated along its eastern side (Fig. 1.4). The tunnel
excavation creates a temporary drainage, causing a local depression in the
groundwater level under point Ms. It can be shown that a 9 m deep depression
leads to the observed 50 cm differential settlement of El Sagrario.

1.3.4 Discussion

The simplified geotechnical model of the problem of the Mexico City
Metropolitan Cathedral cannot claim the exact prediction of the differential
settlements. It focused only on the effects of the interaction of the neighbouring
structures, loading history and the global and local drop in the groundwater level.
The latter factor has been probably responsible for much higher than predicted
differential settlements of El Sagrario. The smaller than predicted differential
settlements of the Cathedral may be attributed to the correction measures carried
out during its construction and later.

This simplified model, however, has been sufficient to achieve qualitatively
correct predictions of the differential settlements of both the Cathedral and El
Sagrario, of meaningful order of magnitude. It demonstrates the power of the
simple geomechanical analysis in understanding the complex processes behind
some geotechnical failures.
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1.4 Mitigation Measures

Four proposals for correction of the differential settlements were considered in
1990. The first one — the addition of 1,500 piles — was rejected due to the lack of
space for these piles and low chances for achieving sufficient bearing capacity.
The second one — involving construction of 240 shafts some 60 m deep and 2.4 m
in diameter — was rejected on economic grounds. The third one — construction of
an impervious barrier along with water injection wells, in order to reestablish
piezometric levels and reduce the effects of the regional subsidence — would
require too much energy and water for continuous pumping.

(a) (b)

_ Hydraulic jack

Figure 1.18 Underexcavation by soil extraction: (a) a vertical shaft; (b) perforation and
collapse of a sub-horizontal borehole (after Santoyo and Ovando, 2002).

The fourth proposed method — underexcavation — was considered the most
feasible. It consisted of removing soil by means of 10 cm diameter sub-horizontal
borings using hydraulic jacks from a large diameter vertical shaft (Fig. 1.18).

Excavation was carried out below the foundation level, in plastic clays.
Collapse of a perforated hole in a soil mass produces a surface settlement. As this
hole collapses and a new one is penetrated, the settlement increases. Thus, the
volume of the excavated soil (Fig. 1.19) gives rise to controlled settlement,
allowing correction of distortion in the structure. By September 1999, the
maximum achieved vertical correction was 88 cm.

The goal of the underexcavation has been to reestablish the conditions
existing in the year 1934, to allow for comprehensive refurbishment of the
Cathedral. The underexcavation procedures are likely to be repeated every 20 — 25
years. The structural deformation over these periods is expected to be small or
negligible, thanks to the additional mitigation measure — grout injection into the
upper clay layer, reducing its compressibility. About 5,190 m’ of grout was
injected, using hydraulic fracturing (Fig. 1.20), reducing the yearly displacements
by an order of magnitude.
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Figure 1.19 Location of the vertical shafts and the volume of the extracted soil (after
Santoyo and Ovando, 2002).

3m= ] Artificial Fill

3m = LA | Hydrauic
i ) Fracture

Upper Clay

Borehole

Lower Clay

(a) (b)

Figure 1.20 Grout injection: (a) hydraulic fracturing; (b) injected areas (after Santoyo and
Ovando, 2002).
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1.5 Lessons Learned

1.5.1 Loading history

The history of the previous construction and the sequence of the current one will
largely determine the pattern of the differential settlements of neighbouring
structures by changing the compressibility of the soil foundation.

1.5.2 Distance between the neighbouring structures

Distance between the neighbouring structures is of crucial importance for the
magnitude of the interaction effects. Due to the fast attenuation of stresses with
distance, sometimes, a moderate increase in distance between the neighbouring
structures can reduce the interaction effects to being small or negligible.

1.5.3 Regional subsidence

Though conventionally considered to be a source of the relatively uniform global
settlements only, regional subsidence can cause differential settlements due to
spatial variability in the compressibility of soil, resulting, e.g., from a specific
loading history.

1.5.4 Do not mess with other people’s gods!

Some people believe that the problems of the Cathedral are revenge of Aztec gods
whose temple was destroyed to make way for the Cathedral. If this is the case, the
gods used geotechnical engineering as their weapon!
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Chapter 2
Unexpected Excessive Settlements:

Kansai International Airport, Japan

2.1 Case Description

2.1.1 Introduction

Kansai International Airport (KIA) in Osaka Bay, Japan (Fig. 2.1a) was singled
out by the American Society of Civil Engineers as one of the “Monuments of the
Millennium” — a designation awarded to the ten civil engineering projects deemed
to have had the greatest positive impact on life in the 20th century. This is an even
more remarkable achievement, considering that the first phase of the airport
construction experienced some problems which, in a broader sense, could be
characterized as a geotechnical failure. Built on a 1.25 km X 4 km man-made
island (Fig. 2.1b), 5 km offshore at an average water depth of 18 m, this first phase
experienced unexpected excessive settlements. These settlements were not
correctly predicted either before or during the construction and caused delays,
considerably increasing the cost of the 14 billion dollar project.

Phase 11 _

(a) (b)
Figure 2.1 Kansai International Airport (Google Earth ©): (a) Osaka Bay; (b) the islands of
Phase I and Phase II.

2.1.2 Construction

Construction of the first phase island of Kansai International Airport started in
January 1987 and finished in December 1991. Construction of the airport facilities
followed and the airport began operations in September 1994. In the five years of
the island’s construction, more than 180 million m® of granular fill with a height
of about 33 m were placed on the seabed, which consists of more than 1,200 m of
sediments (Fig. 2.2). Only the upper 160 m, however, are considered to be
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compressible: the top 20 m are soft alluvial Holocene clays (Mal3), followed by
the alternation of sand and clay layers of Pleistocene origin (Ma 7-12, “Ma”
stands for marine clay).

-Offshore Shore
2nd-Phase Zone 1st-Phase Zone }
Scalevdl [Depth: 20 18m | [Depth: 19 165m] CDL-20m
{Average: 19.5 m) I {Average: 18 m) - 4 Ma13
Seabed I 115 -40 Dte
T Holocene clay layer 29~20m e 1m = Ditc
(Hardness roughly equivalent Average: 24 m Average: 1§ m - 60 _ hDda 112
to that of toy clay) — 80 M(«:lcl 1-1
Uppe 210~140m 160~100 m _ 1 Mall-2
Pleis]ig;::ne Average: 180 m  Average: 140 m ——100] 1 Ma 10
(Hard enough that the clay is -120 = Doc 4
slightly dented if pressed) -+ Ma9
_ = 10=oo{ Doc5
About 200
Lower 500~300 m out = m 160 Doc 3
Pleistocene - Mas
(Hard enough that the clay -180 +Ma7
is barely dented if pressed)
About 800 m
(900 m or deeper)
Tertiary
(Hard as concrete) 3
Granite

(Very Hard rock)

Figure 2.2 The soil profile of the seabed (after Akai et al., 1995; Akai and Tanaka, 1999:
© 1999 Taylor and Francis Group. Used with permission; KALD, 2009): dark layers-sand,
white-marine clays Ma7 —Mal3.

The construction process included the following stages. First, the top 20 m of
the seabed (Holocene clays) were treated within the design island area by
installing vertical sand drains to accelerate compaction under the backfill. Next,
the perimeter seawalls were built (Fig. 2.3). Subsequently, the land reclamation
took place, in which the granular fill, taken from a number of excavations in the
Osaka area (they practically levelled a couple of large hills), was placed within the
seawalls up to a depth of about 3 m below the water level using bottom-dump
barges. The final step was accomplished by means of four large barges, anchored
inside the seawalls, which transferred the fill brought by the smaller barges from
across the bay, to bring the island to the required 4 m above the water level. This
height is to guarantee that the airport will not be swamped by high tides brought
by typhoons that hit the coast of Japan every September.

Wave-dissipating block ~

Armour stone 1.
Sea level Ly i
= [ _—Sand fill 13m
Seabed " Seabed improved by Seabed improved by
Sand blanket”  “g4 drain method Sand drain method

Figure 2.3 The cross-section of a seawall (after KALD, 2009).



26 Geomechanics of Failures Chapter 2

Two important notes on the construction process: (1) no measures have been
taken to accelerate the consolidation settlements in the lower (Pleistocene) clay
strata, due to its considerable depth (instead, a special effort was made to predict
the settlements as accurate as possible); (2) once the final step was complete, there
was no way to add the fill on top of the island using the same method. The
problem was that the barges could not enter the island’s interior anymore.
Combination of these two factors shows that the planning and design processes
did not allow for the risk of extra settlement due to consolidation of the
Pleistocene clay strata. No construction process was devised which could cope
with these settlements.

2.1.3 The history of settlements

Thanks to the vertical drains, the top 20 m of the Holocene clay reached almost
90% of its final 6 m settlement during the construction (Handy, 2002). These
settlements were accounted for in the design, being compensated by an additional
6 m thick layer of fill and additional height of the seawalls. What was apparently
not fully accounted for were the excessive settlements of the Pleistocene clays and
their slow accumulation in time (Fig. 2.4). By 1999, immediate settlements of
about 1 m magnitude were recorded followed by additional 5 m of settlement and
continue to increase at a rate of about 15 cm per year. Adding extra layers of fill
during the construction compensated only for immediate settlements and a small
part of the consolidation settlement of the Pleistocene sediments.

0
i
bbb b b
~17 = & 838 8 Z 81
g 2 2283 g &&%
o 2
=&
57 3
) .
% § — Analytical
77 5
=
Q-(G*
7 T T TTTT] T T T TTT] T T TTTT]
10 100 1000 10000

Elapsed time after full surcharge (1990.3) (days}

Figure 2.4 Settlements of the island (at point A in Fig. 2.1b) due to consolidation of
Pleistocene clays (after Endo et al., 1991; Akai and Tanaka, 1999: © 1999 Taylor and
Francis Group. Used with permission).

The original design did not anticipate these developments. As soon as it was
clear that the Pleistocene clays were the source of these excessive settlements,
attempts were made to re-evaluate them as shown in Figure 2.4 (Endo et al,
1991). These attempts were based on field measurements at the beginning of the
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construction and failed to provide a reasonably accurate prediction. They were
continuously corrected, but each time a prediction was made, the island provided a
new “surprise”. First, it was a sizeable immediate settlement. Next, it was a much
slower than expected rate of settlement at the beginning of the consolidation.
Finally, these settlements did not seem to slow down as much as expected towards
the end of the consolidation.

2.1.4 The problem

Many different factors affected the settlement prediction of the Kansai
International Airport. This chapter will focus on just three of them, mentioned
above: the immediate settlement, the slower settlement rate in the beginning, and
the faster rate towards the end of consolidation of the upper Pleistocene clays.

Immediate settlements are caused by the three-dimensionality of the real
problem, as compared to the one dimensional consolidation theory, in particular,
by non-negligible lateral strains. They are also affected by the compressibility of
sand layers where dissipation of pore water pressures takes place very quickly.

The rate of consolidation is determined to a large extent by the length of the
drainage path. Conventionally, a sand layer between two clay layers is considered
to work as a drain. In the case of the Pleistocene strata, however, some of the sand
layers proved to be lenses, entirely enclosed within the clay layer, which was
confirmed by very slow dissipation of pore water pressures measured in the sand
layers 10 years after the land reclamation (Fig. 2.5).

Finally, the consolidation process is not the only one controlling the rate of
settlements in clay. Even when the excess pore water pressure has completely
dissipated, the settlement continues, which is called creep or secondary
compression. Towards the end of primary consolidation, a contribution of the
secondary compression becomes more pronounced and may produce significant
increases in settlements long after the primary consolidation is over.

All these factors are rather difficult to quantify accurately in advance of the
construction. This is not, however, good news for designers. Is there any way to
resolve this dilemma?

2.1.5 The observational method

The major problem with land reclamation projects of this scale is that it is almost
impossible to provide an accurate prediction of the rates of settlement based solely
on the results of site investigation and laboratory consolidation tests. There are
two major reasons for that: (1) large spatial variability of soil properties and
drainage geometry and (2) laboratory tests often produce the values of the
coefficient of consolidation ¢, and secondary compression C,, within two orders of
magnitude from the field values. Therefore, such estimates can only be used as
initial conditions for design.

In such a case, the design should be left flexible to accommodate changes, as
construction proceeds. These changes are based on the continuous monitoring of
significant field parameters and on inverse analysis of the field measurements.
This back calculation allows for the model parameters to be updated using real
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field data and then utilized for the next stages of analysis and design. In
geotechnical engineering this approach is called the observational method. The
purpose of this chapter is to demonstrate a simplified back-calculation procedure
for the field data from the KIA.
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Figure 2.5 Drainage in the sand layers: 1 tf/m? = 9.8 kPa (after KALD, 2009).

2.2 The One-Dimensional Theory

Marine deposits near the coast and big river deltas are often layered systems due
to their alluvial nature. In general, they are built of alternating sand and clay
layers, whose thickness depends on the geological history. The settlements of the
saturated sand and clay materials are governed by different phenomena.
Settlements of saturated sand layers are normally immediate settlements, provided
that they work as open drains. Settlement of saturated clay layers is a time-
dependent phenomenon which is governed by the following processes:

- primary consolidation — decrease in the volume of pores due to the flow of

water caused by the dissipating pore water pressure gradient;

- secondary compression — decrease in the pore volume due to creep.

The total settlement of these layered systems in a one-dimensional problem is
built, therefore, out of these three distinct components:
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pr (1) =p, +p. (1) +ps (1), 2.1

where p, is the immediate settlement (sand);
p.(#) 1is the consolidation settlement (clay);

p(#) 1s the creep settlement (clay).

2.2.1 Immediate settlement

Immediate settlements in saturated clay layers in a one-dimensional problem
should be zero, due to the small pores and incompressibility of the pore water
which cannot leave the pores immediately. In reality, however, there are always
some immediate settlements caused by the three-dimensionality of the real
problem, which involves non-negligible lateral strains. Because of these lateral
strains, some vertical settlements also occur without any change in the total
volume, as required by the incompressibility condition.

In the layered sand-clay systems, however, some immediate settlements
occur, even in a one-dimensional problem. This is due to the compressibility of
the sand layers, where pores are sufficiently large to allow for almost immediate
dissipation of pore water pressures. These immediate settlements due to a stress
increase of Ac in a thin sand sublayer of thickness H, can be calculated as

Ac (1+v)(1-2v)

p =H -H Ao, 2.2
' M E(1-v) @2)
where  M:™ is the one-dimensional compression modulus of sand;

E is the Young modulus of sand;

v =0.2+0.3 is the Poisson ratio of sand.
Note that for clay, this formula would produce a zero settlement due to the
incompressibility conditionv = 0.5 .

Immediate settlements take place during construction. Therefore, though
important at the design stage of land reclamation (for correct estimates of the
required fill volume), they do not affect the long-term behaviour of the structure
and have to be properly excluded from the analysis.

2.2.2 Settlement due to one-dimensional consolidation

Calculation of the final settlement due to consolidation has been discussed in
Section 1.2 (Chapter 1). By the end of the consolidation, a total stress increase of
Ac in a thin sublayer of thickness H will produce an equal effective stress
increment A’ = Ac . For normally consolidated clays, this will result in a final
settlement of

6, + Ao

H H
Pur =g AoOF p = C log———, 2.3)

clay ¢
M, l+e o,

0

where o/ is the effective normal vertical stress;

0
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e, is the in-situ void ratio before the construction;
C. is the compression index;
M is the one-dimensional compression modulus of clay.
C. and M;" are related as follows:
1 C. log(cy+Ac’)-log(cy)
M;™ 1 e, Ac’

. (2.4)

The development of the consolidation settlement in time is schematically
presented in Figure 2.6a. The total stress increment Ac (constant in time and
uniformly distributed with depth) is first entirely taken by the pore water. This
causes a pressure gradient between the clay layer and draining boundaries,
producing a pore water flow towards these boundaries. In the process, the excess
pore pressure Au(t) dissipates and more load is transferred to the soil skeleton via

the effective stresses Ac’(¢) = Ac—Au(t), causing its compression and settlements
Pc (t) .
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Figure 2.6 One-dimensional consolidation: (a) the process; (b) analytical solution.

The analytical solution to this problem, derived by Terzaghi (1943), is
presented in a non-dimensional form in Figure 2.6b:

3

U, (1) =L 2123 2 exp(-M7T), 2.5)

inf m=0




Chapter 2 Geomechanics of Failures 31

where U, = Pe is the average degree of consolidation;
pinl‘
c -t . . . .
T = ;2 is the non-dimensional time factor;
d is the drainage path; in a layer with double drainage, half
of its thickness H,
k-M™ . . i
¢, = is the coefficient of consolidation;
Y
k is the permeability coefficient;

is the unit weight of the water;
M =g(2m+l),where m=0,1, 2, ..., ©.

Relationship (2.5) can be quite accurately approximated by the following two
analytical functions (Terzaghi, 1943):

T~ %Uj, for U, <0.526; (2.6)

T ~-0.933-log(1-U,)-0.085, for U, >0.526. 2.7

Using these relationships, we can describe the variation of consolidation
settlement in time analytically:

/4'T 2 -t
Pc (Z) =Pur U, =Py - — =P ; - for U, <0.526; (2.8)
Y

T

et d* +0.085

p()=p, U, =p,, -[1—10 0993 ] for U, > 0.526. (2.9)

For layered strata, the total settlement is calculated as the sum of the settlements
of individual clay layers:

po (1) =200 (). (2.10)

2.2.3 Secondary compression (creep) settlements

Creep settlements begin together with the primary consolidation settlements, but
become dominant only towards the end of the primary consolidation (Fig. 2.7a)
and can be predicted using the formula (e.g., Mesri and Vardhanabhuti, 2005):

C
p(r)=—= Hlog(i} @11
l+e t

0 P
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where C, is the coefficient of secondary compression;

I is the assumed beginning of the secondary compression, defined
in Figure 2.7a at the point, where the experimental curve starts
deviating from the theoretical primary consolidation line.

2.2.4 Total settlements

Using Equations (2.8)—(2.10), the variation of total settlement in time can be
predicted using the following formulae:

2

2 e -t d
p, (1) =p, +p,, == for 0<1<0217%; 2.12)
d T c,
. d’
pr (6)=p, +p, (110777 ) for 02175 <1 <13 (2.13)
C,-
107261/ d* ~0.091 G
b, (t)=p, +pinf(1_1o . )+]—H10g(t/tp) for 1>1,, (2.14)
+e

0

where p, is the initial settlement;

¢t is the assumed beginning time of the secondary compression.
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Figure 2.7 Semi-logarithmic settlement-time plot: (a) secondary compression; (b) graphic
procedure for back-calculation of model parameters.

2.2.5 Inverse analysis of the settlement data
The parameters in Equations (2.12) —(2.14) can be easily back-calculated from the
measured settlement data using the graphic procedure in Figure 2.7b:
- Measure the settlement A between any two early time moments ¢, and 4¢,,
and add it to p(7). Using the fact that the initial part of the settlement

curve is parabolic (Eq. 2.8), this gives the initial settlement
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P, =p(t1)+[p(t1)—p(4tl)] =2p(ll)—p(4tl);

- Draw two tangential lines to straight portions of the primary consolidation

and secondary compression curves. Their intersection defines p, +p
Using p, found above, this gives p

inf ?

inf *

- the slope of the tangent to the secondary compression curve is C,;

- the point on the curve with p(z,)=p, +p,, /2, at which the first half of the
final consolidation settlement was reached (U, =0.5), gives ¢, so that

¢, =0.196d"/1

2.3 The Analysis

(see Fig. 2.6Db).

The one-dimensional theory presented above provides tools for a simplified
analysis of the unexpected excessive settlements of Kansai International Airport.

2.3.1 Simplified model

The upper clay layer in Figure 2.8a (Holocene Clay MA13) consolidated very
quickly thanks to the vertical drains and its settlement is assumed to be immediate.
The nine upper Pleistocene clay layers, sandwiched between the ten sand layers
(KALD, 2009) are assumed, for simplicity, to have the same thickness H = 12.0 m

(Fig. 2.8b).
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Figure 2.8 Upper Pleistocene soil profile: (a) real (after Akai and Tanaka, 1999: © 1999

Taylor and Francis Group. Used with permission); (b) simplified.
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As mentioned in Section 2.1.2, as soon as it became clear that the Pleistocene
clays are the source of excessive settlements, attempts were undertaken to make a
prediction of their future developments. One of these predictions, by Endo ef al.
(1991), provided an analytical solution, shown in Figure 2.4 by a solid line. Our
simplified model will reproduce this solution if the following assumptions are
made with respect to the geometry and material properties:

- the height of the 4.0 kmx 1.25 km island above the seabed is # = 33 m, out

of which A,, = 29 m are below the sea level;

- the unit weights of soil are vy, =21 kN/m’, y_,_ =18 kN/m’;

- the overconsolidation ratio OCR of Pleistocene deposits grows linearly
with depth (Akai et al., 1995), therefore the lower Pleistocene clay remains
overconsolidated in the process of land reclamation and can be considered
incompressible;

- the Pleistocene clay is considered to be normally consolidated with
consolidation parameters ¢, = 1.5, C, = 0.6, ¢, =1.67x107 m?/s roughly
corresponding to the results of consolidation tests (Fig. 2.9);

- the upper Pleistocene clay of total thickness H = 108 m is built of nine 12
m thick sublayers interlaid by eight 4 m thick sand drains so that the
average length of the vertical drainage path d = 6.0 m;

- sand layers are also present at the lower and upper boundaries of the 108 m
thick Pleistocene clay layer;

- neither an initial settlement nor a settlement due to the secondary
compression were considered.

2.3.2 The original prediction

In this section, using our simplified model, we reproduce the original prediction of
Endo et al. (1991) represented by the solid curve in Figure 2.4.

The Mal3 Holocene Clay layer consolidated before the end of construction.
This immediate settlement was approximately 6 m, and its increase in time is
insignificant.

The final settlement due to consolidation of the Pleistocene clay layers can be
calculated using formula (2.3) for each of the nine clay layers and summing their
settlements:

=, =2 C c,. +Ac
=Y Ap. .= > AH——1lo w =
pmt 12:1 pmf ; 1+ eo g( Gl j

0i

i=9
_2, 06 10g(80,+403j=5.6m,

(2.15)

= 1+1.5 8D,

i

where Ao =17, (h=h, )+ (Y — V. ) h, =21x4+11x29 = 403 kPa;
o, =Y. D, =8D, is the geological stress;

seabed " i

D, =31m+16m-(i—1) is the depth of the center of the i-th clay layer
from the seabed surface.
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Figure 2.9 Consolidation test results for Pleistocene clays (after Akai and Tanaka, 1999: ©
1999 Taylor and Francis Group. Used with permission): (a) consolidation curves; (b)
settlement in time curves for M12. Here @522 kPa denotes the curve at the load close to
the preconsolidation pressure of 510 kPa. Its rate of settlement is significantly higher than
that of both, the overconsolidated (load < 522 kPa) and the normally consolidated (load >
522 kPa) curves, indicating destructuring, typical for aged clays.
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This final 5.6 m consolidation settlement of the Pleistocene clay was also
predicted by Endo et al. (1991) and is most likely to be a correct estimate (Akai
and Tanaka, 2005). The problem of this prediction is different — it is not the value
of the final consolidation settlement but the development of this settlement in time
and what happens after the consolidation is over. Indeed, according to Endo e? al.
(1991), half of the Pleistocene clay settlement in all clay layers should have
occurred after 490 days and 90% of it after 2,120 days, which can be also
reproduced by our simplified model:

T.,d>  0.196x(6.0) 1
Iy, = . = X( 77) ( j_ 490 days,
c, 1.67x107  \ 24x3600
T.0d’  0.848x(6.0) 1
f, =l 0H48X(6D) ( j = 2,120 days.
c, 1.67x107  \ 24x3600

In reality, however, the consolidation continued much longer. In 1999 (almost
3,200 days after the end of construction), the settlement already exceeded 6 m (the
total settlement exceeded 12 m) and kept increasing at an average rate of about 15
cm per year (Fig. 2.4).

2.3.3 Correction for the initial settlement

Starting from the early stages of consolidation, it became clear that settlement of
the Pleistocene deposits was much higher than expected (Fig. 2.10a). One possible
reason for that could be a higher rate of consolidation, but the trend in Figure
2.10a is opposite — the rate of settlement is slower than predicted.
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Figure 2.10 Correction for the initial settlement: (a) derivation of parameters; (b) corrected
prediction.
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Therefore, the most likely reason for higher settlements is an initial
settlement. It can be estimated using the procedure in Figure 2.6b:

- at t,=20days: p, =1.25 m;

- att, =41 =_80days: p, =1.60 m;

- therefore, p, =2p(t,)-p(4t,) =2x1.25-1.60=0.90 m.

The corrected prediction (Eq. 2.12), accounting for this initial settlement
p, =0.90m, is shown in Figure 2.10b. While giving a good fit to the measured

data up to the first 60 days, it predicts a much higher rate of consolidation later on.

2.3.4 Correction for the length of the drainage path

The rate of consolidation is governed by the consolidation coefficient ¢, and the
average length of the drainage path d (or, in our model, the number » of draining
sand layers). Because dissipation of the excess pore water pressure in some of the
sand layers was very slow (Fig. 2.5), it is most probable that the average length of
the drainage path d was larger than assumed from the geometry. Also, because d
in the formula for the time factor 7, is squared and ¢, is not, an inaccuracy in d
affects the rate of consolidation stronger.

We assume that the final settlement due to consolidation of Pleistocene clay
p,, = 5.6 m was correctly predicted in Equation (2.15) (see also Akai and Tanaka,
2005). Then the measured time z,, of the 50% of consolidation settlement (i.e. at
the total settlement of p,, =p, +p,,/2=3.70 m) was 1,000 days (Fig. 2.11a) and
not 490 days, as predicted by Endo et al. (1991).
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Figure 2.11 Correction for the length of the drainage path: (a) derivation of parameters; (b)
corrected prediction.

The average length of the drainage path d and the number of equivalent clay
layers n should be then adjusted as follows:

=8.57m > 6m, (2.16a)

g e _\/I,OOOX24><3,600><1.67><10'7
T 0.196

v(50)
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H 1
po o 18 5 (2.16b)
2d 2x8.57

The corrected prediction (using Egs. (2.12) and (2.13)), which accounts for
this modified average length of the drainage path d = 8.57 m, is shown in Figure
2.11b. While giving a good fit to the measured data up to 2,000 days, later on it
predicts a lower rate of settlement.

2.3.5 Correction for the secondary compression

The most likely reason for continuing excessive settlements at the final stages of
consolidation is the secondary compression. In particular, Akai and Tanaka (1999)
noted a very high rate of post-consolidation settlement when effective stress
slightly exceeds the pre-consolidation pressure (Fig. 2.9b, the curve @522 kPa),
and related this to the phenomenon of destructuring of aged clays. In order to be
able to derive parameter C, using the procedure in Figure 2.7b, we need more data
points in time. However, if the latest prediction of the consolidation curve
(corrected for initial settlement and the drainage path length) were reliable, then
an alternative procedure could be applied (Fig. 2.12a).

According to this procedure, #, is taken as the moment in time when the
measurements start to deviate from the theoretical consolidation line, i.e. in our
case: t, = 1,800 days. Parameter C, is then obtained from the difference Ap,

between the predicted (with C, = 0) and measured displacements at some time ¢ >
t,, e.g., for t= 3,200 days, Ap, =0.37 m, so that

CApg(l+e,)  037x(1+15)

~ C, 0034
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Figure 2.12 Correction for the secondary compression: (a) derivation of parameters; (b)
corrected prediction.
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The latter ratio of 0.057 is reasonable but somewhat high for clays, most
probably due to the phenomenon of destructuring of aged clays, observed by Akai
and Tanaka (1999) for the upper Pleistocene clays.

The corrected prediction (Egs. (2.12)—(2.14)), accounting for the secondary
compression with #, = 1,800 days and C, = 0.034, is shown in Figure 2.12b. This
prediction gives an excellent fit to the settlement data measured so far, considering
the enormous simplifications which were introduced into the model.

2.3.6 Total predicted displacement
Assuming 50 years for the airport lifetime, we obtain the creep settlement:

C, t 0.034 50x365
ps = Hlog| — |= x108 x log =1.5m
I+e, Z, 1+1.5 1,800

The total predicted displacement (after 50 years) for the Pleistocene layer then
becomes:

py =p,+p,, +p;=0.9 +5.6+1.5=8.0 m.
Adding the settlement of the Holocene clay layer, we obtain (Fig. 2.13):
p,=8.0+6.0=14.0 m.

The latest prediction of the 50 years settlement (Akai and Tanaka, 2005) is
14.3 m. If the design of the island was produced using the originally predicted
11.6 m settlement, the planned 4 m embankment over the sea level would, over
the years, become reduced to just 1.6 m. This would not be sufficient to withstand
the high tides brought by typhoons.
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Figure 2.13 Comparison between the original and updated predictions of the total
settlement.
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2.3.7 Discussion

The simplified geotechnical model of the Kansai International Airport settlement
is one-dimensional and therefore cannot account for the spatial variability of
geometry, loading and soil properties, as well as for the three-dimensional effects
of stress and strain distribution. It also focused only on the following phenomena:
initial settlements, drainage and creep. The overconsolidated behaviour and
complex compression characteristics of aged clays were not considered.
Nevertheless, the model managed to produce a remarkably good fit to the
measured settlements. Furthermore, its prediction of future settlements is
consistent with those produced by more sophisticated models. This became
possible because the model parameters were back-calculated using the field data.
This example demonstrates the importance of simple geotechnical inverse analysis
in understanding and predicting the settlements in large-scale land reclamation
problems.

2.4 Mitigation Measures

Mitigation of damage due to global excessive settlements in land reclamation is a
difficult task. The addition of a fill to compensate for these settlements after an
island is complete is often not feasible technologically (e.g., the barges cannot
reach the inside of the island) or due to operational reasons (it is unthinkable to
shut down an airport). In addition, this fill, due to its weight, would probably
cause additional settlements. Therefore, the negative effects of the settlements of
the island on its ability to withstand high tides should be mitigated by extending
the height of the seawalls accompanied by their reinforcement.

The major sources of worry, however, are the differential settlements
affecting the structures. The passenger terminal building (Fig. 2.14a) is a structure
with a key service floor area of 0.3 km®. It consists of a 4 (3 + 1 basement) stories
main building (320x150 m) and two 3 stories wing buildings (670 x40 m each).
These buildings are supported by 874 columns over their total length of 1,660 m.

The major problem with the main building is that, because of the basement, its
weight represents only half of the weight of the soil it displaced. Therefore, to
ensure that the island and the structure sank at the same speed rate, the basement
of the terminal was lined with a quarter of a million tons of iron ore. As is seen in
Figure 2.14b, this measure had only limited success — the solid line shows that the
ground under the main building sank by October 2003 considerably less than the
ground under the wing buildings. Most probably, the weight compensation was
only partial.

In order to compensate for continuing differential settlements during the
operation of the building, the supporting columns have been supplied with a jack-
up system allowing for the adjustment of their heights. These adjustments have
been performed two or three times a year by jack-ups and inserting thin plates
(Matsui et al., 2003) to keep the differential settlements within the design limits:
0=1/400 for local distortion angle of the roof structure of the main frame and
0=1/600 for the roof structure of the wings. The dashed line in Figure 2.14b
indicates the level of the columns corrected by the jack-ups. As is seen, in spite of
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the fact that by October 2003 the maximum correction height has reached for
some columns almost 60 cm, the differential settlement criteria had not been yet
satisfied. The maximum differential settlement between the center of the main
building and the lowest columns of the south wing building was 95 cm, resulting
in the maximum inclination of the dashed line of 0 =1/450, which exceeds by far
the design limit of 6=1/600 for local distortion angle of the roof structure of the
wings.
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Figure 2.14 The passenger terminal building (after Akai and Tanaka, 2005: © 2005, I0S
Press, used with permission): (a) outline; (b) settlement profiles along the longitudinal line.

2.5 Lessons Learned

2.5.1 High level of indeterminacy

The major problem with large-scale land reclamation projects is that it is almost
impossible to provide an accurate prediction of the rates of settlement based solely
on the results of site investigation and laboratory consolidation tests. The major
reasons for that are large spatial variability of soil properties and drainage
geometry and the fact that laboratory tests often produce values of the coefficients
of consolidation and secondary compression within two orders of magnitude (i.e.
10%) from the field values — with the field exhibiting more pervious behaviour.
Therefore, such estimates can only be used as initial conditions for design.

2.5.2 Immediate settlements

Immediate settlements in saturated clay layers in a one-dimensional problem
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should be zero. In reality, however, there are always some immediate settlements
caused by the three-dimensionality of the real problem, which involves non-
negligible lateral and, hence, vertical strains. In the layered sand-clay systems,
however, some immediate settlements occur even in a one-dimensional problem.
This is due to the compressibility of the sand layers, where pores are sufficiently
large to allow for almost immediate dissipation of pore water pressures.

2.5.3 Limited drainage

The rate of consolidation is determined to a large extent by the length of the
drainage path. Conventionally, a sand layer between two clay layers is considered
to work as a drain. There are cases, however, where some of the sand layers
appear to be lenses, entirely enclosed within a clay layer. It is important to observe
dissipation of the pore water pressures in sand layers during the construction, in
order to determine their draining ability.

2.5.4 Secondary compression

It is important to remember that the consolidation process is not the only one
controlling the rate of the settlements in clay. Even when the excess pore water
pressure has completely dissipated, different physical phenomena cause continued
settlement. While this secondary compression is present from the beginning of the
consolidation process, towards the end of primary consolidation its contribution
becomes more visible. The secondary compression may produce a significant
increase in settlements long after the primary consolidation is over.

2.5.5 The observational method

Because of the high level of indeterminacy in such projects, the observational
method should be adopted in design and construction. In this method, the design is
left flexible to accommodate changes as construction proceeds. The changes
should be based on the continuous monitoring of significant field parameters and
on inverse analysis of the field measurements. This back calculation allows for
model parameters to be updated using real field data and then utilized for the next
stages of design.
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Leaning Instability: The Tower of Pisa, Italy
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Chapter 3

Leaning Instability: The Tower of Pisa, Italy

3.1 Case Description

The Tuscan town of Pisa became a powerful Mediterranean republic and a
flourishing commercial center in the 11th to 13th centuries. After a decisive
victory in a sea battle at Palermo against the Saracens in 1063, its colonies
included Sardinia, Corsica, Elba, parts of Southern Spain, and Carthage. It reached
the peak of its power in the 12th century as a naval base for the first Crusade to the
Holy Land, but in the 13th century, a number of bad political choices and military
defeats lead to its demise and domination by Genoa and Florence. Though being
the birthplace of Galileo Galilei (1564 —1642), the town is probably best known
for its Romanesque Leaning Tower (Fig. 3.1a). It was built as a bell tower of the
cathedral complex on Piazza dei Miracoli (the Square of Miracles, Fig. 3.1b). The
construction of the complex was initially funded from the treasure found on six
large, heavily loaded ships captured in 1063 from the Saracens, and was meant to
demonstrate the power of the Church and the Republic. Excessive inclination,
however, turned the Leaning Tower very early into a curiosity and a tourist
attraction. In 1990, however, due to the alarming tilt of almost 5.5 degrees and
recent collapse of the civic tower in Pavia, which caused four fatalities, it was
closed to the public. An elaborate and expensive stabilization campaign followed,
which returned the Leaning Tower to its inclination of 1844. In December 2001, it
was again opened to the public.

.’

o

Baptisten
aptste
Baptistery

(@) (b)
Figure 3.1 The Leaning Tower of Pisa (after Burland et al., 1998): (a) the Leaning Tower;
(b) Piazza dei Miracoli.

3.1.1 Construction

Construction of the Leaning Tower began in 1173, about 10 years after the
completion of the Cathedral although the construction work for the Baptistery
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started about 20 years earlier.

The footprints of both the Cathedral and the Baptistery are much larger than
that of the Leaning Tower and they do not experience any differential settlements.

The 56 m high Leaning
Tower with a ground floor, six By
galleries, and a bell chamber is
constructed as a hollow cylinder
(Fig. 3.2). Its external and 7ih orrics
internal diameters at the ground
floor are 15.5 and 74 m,
respectively. The outer and
inner walls are faced with high-
quality white San Giuliano
marble, while the cavity
between them is filled with a
typical rubble and mortar
mixture. The tower is based on a
shallow ring foundation, with an
external diameter of 19.6 m and ;fﬂl,ff e
a width of 7.5 m. instrument room

After starting in 1173, the
construction  process lasted
almost 200 years, and included
three stages, with almost Fs
century-long breaks between
them. The first stage lasted for
about five years.

During the construction of the third gallery (the fourth level), the work had to
be suspended, most probably due to the financial crisis caused by the war with
Florence. After this first stage, the Leaning Tower was already leaning slightly to
the north.

The second stage began around 1272, and by 1278 all six galleries (seven
levels) were completed. At that time, the tower was already leaning to the south.
Attempts to correct this tilt during the construction, by the shifting upper floors
relative to the lower ones and building them vertically, resulted in a “banana”
shape of the tower, but were only partially successful.

The third stage began in 1360 with the aim of building the bell chamber (the
eighth level). By that time, the southward tilt of the tower was so significant that it
was necessary to construct six steps on the south side compared to only four on
the north side between the sixth gallery and the floor of the bell chamber. The
building was completed in 1370.

South

Calino

Plang of plinth

Figure 3.2 Cross-section of the Leaning Tower
(after Burland et al., 1998).

3.1.2 The history of tilting

The builders tried to correct the tilt during its construction by having additional
steps or stone wedges on the lower side of the tower. This allowed for the history
of its inclination to be deduced from careful measurements of the relative
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inclinations of the masonry courses (Burland and Viggiani, 1994). From Stage I of
the construction, when approximately 9,000 tons of the total 14,500 ton structure
was built, the tower developed a tilt to the north, which by the beginning of Stage
IT in 1272 had reached 0.2 degrees (Fig. 3.3a). By the end of Stage II in 1278,
however, when the load reached about 13,600 tons, it was already leaning to the
south at an angle of 0.6 degrees. During a 90 year long break between the second
and the third stages, the Leaning Tower kept tilting further south, so that by the
beginning of Stage III in 1360, the inclination had reached 1.6 degrees.

>
I
1278

o

'~ 10

= 1178 to 1272

w

=

2

= % Loading

3

E] 5 ==== Consolidation
North | South

I T T 1
-1 0 1 2 3 4 5 6

Inclination of foundation (degrees)

(a)
Soil and
500 . . masoenry
®  Precision levelling (accuracy + 1) boring
G.C level (acouracy +0.5) )
) Groundwater 1 -
———— Geadetic measurement lowering f
— 400+ " 10°
) Soil and o
E masonry ‘ -
< boring -,
-g . ’ -~
g 300 Soil “ ",wu
2 Foundation baring . jgc‘
—_ masomry i o
= grouting -
2 200-| i g
o - o
g o 100
£ B e 26.5°
2 317y - |
E 100 . ,f'- _f—ﬁ—"
N =
s 0°

Average tilt of Piazza

T T T T T T
= = = = = = =
o =+ wy N ~— o« o
o o o o o o o
= % 2 = 2 2 Z

Time (years)
(b)

Figure 3.3 History of tilting (after Burland ef al., 1998): (a) as a function of load; (b) the
modern measurements relative to 1911 (° in the figure denoting seconds of arc).



Chapter 3 Geomechanics of Failures 49

The first available measurement after construction was made in 1817 and the
recorded tower inclination was about 4.8 degrees. It increased sharply to 5.3
degrees in 1838 when, in order to expose the columns of the ground floor, the
architect Alessandro Della Gherardesca dug a walkway (catino) around the
foundations and groundwater filled the excavation.

Since 1911, theodolite measurements have been made on a regular basis and
in 1934, a pendulum was suspended from the sixth floor. It can be seen in Figure
3.3b that the inclination is increasing with time. In 1990, it reached 5.44 degrees
and was growing by about 6 arc seconds per year (arc second is a unit of angular
measure equal to 1/60 of an arc minute, or 1/3,600 of a degree).

The tower appears to be very sensitive to ground disturbances (such as the soil
and masonry borings in 1934, 1966, and 1985) and to changes in the groundwater
conditions (such as pumping from sand layers and lowering the groundwater level
in the 1970s). The lowering of the groundwater level also caused a tilt of the entire
Piazza (see the detail in Fig. 3.3b), although to a much smaller extent than that of
the tower.
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Figure 3.4 The ground conditions (after Burland ez al., 1998): (a) soil profile; (b) cone
resistance profiles to the north and to the south of the Leaning Tower.

3.1.3 The problem

The soil profile below the Leaning Tower is represented by alternating sand and
clay layers (Fig. 3.4a). The groundwater level (W.T. in Fig. 3.4a) is 1 to 2 m
below the surface. A number of different factors may be responsible for the tilt of
the tower. One of these factors — the foundation failure — has to be excluded due
to

- the very slow tilt rate (should be much faster at failure);

- the local depression in the surface of the upper clay layer (Fig 3.4a) —an

indicator of the volume change due to consolidation;
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- the lack of heave in the ground surface at the southern side.

Another possible factor —differential settlements due to variability of soil
stiffness (e.g., a locally thinner sand layer on the southern side, Fig. 3.4b)— can
only be partially responsible for the tilt. (Recall that the Cathedral and the
Baptistery do not experience any significant differential settlements.)

This leaves us with the main factor —the “leaning instability” — which
apparently caused the rapid increase in the inclination of the tower towards the
end of its construction (Burland and Potts, 1994).

3.1.4 The leaning instability

Leaning instability of a tall, narrow structure occurs at a critical height to width
ratio when the overturning moment caused by a small inclination cannot be
compensated by the corresponding resisting moment mobilized by the foundations
(Hambly, 1985; 1990). This effect is well known to anyone who has attempted
building Lego towers on a soft carpet. The leaning instability is due to the high
soil compressibility and not to its low strength.

Note that both the Cathedral and the Baptistery have a much smaller height to
width ratio than the Leaning Tower. While the leaning instability of the Pisa
Tower has been extensively studied in the literature using sophisticated finite
element analysis, which provided a strong basis for developing the strategy for its
stabilization (e.g., Burland and Potts, 1994), the purpose of this chapter is to
present a simplified model dealing with this phenomenon.

3.2 The Theory

3.2.1 Model assumptions

Consider a rigid structure with a rectangular plan BxL on two rectangular
footings bx L based on a Winkler foundation (built of individual linear elastic
springs) with the coefficient of subgrade reaction k& (Figs. 3.5a,b). The contact
pressure g =k-d, where d is the settlement and the foundation reaction is

F=q-L-b=K-d (Fig. 3.5c), where
K=L-b-k 3.1
is the spring constant. For simplicity, rotational angular stiffness is assumed to be

zero, but the spring stiffness K is lower for loading than for unloading: K, < K,,.

In agreement with the Winkler assumption, there is no interaction between the two
foundations and no horizontal resistance.

3.2.2 Equivalent foundations

For other shapes of structures and foundations, e.g. for the most common ring and
hollow square foundations in Figure 3.6, an equivalent pair of rectangular
foundations of the type shown in Figure 3.5b can be defined, provided the area
and the moment of inertia of the two foundations are identical. For a ring
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foundation with the average radius r and the width 5 (Fig. 3.6a), its area 4,, and
the inertia moment /, with respect to its axis of symmetry are

A =2-mr-b, I =§.r-b.(4r2+b2). (3.2)
2
T
B | i |
| : |
Ul 3 |
| ' |
b l | l
q q ) - —
]
dE vy ¥ ¥ ) B+b ! |
%k k T 1
| B+b |
(a) (b)

Figure 3.5 The simplified model: (a) structure and the soil; (b) plan view of foundations;
(c) resultant foundation reactions.

The corresponding parameters for the equivalent pair of rectangular
foundations, with the same width b (Fig. 3.5b) are

L-b° B’
Aeq:2-L-b, qu = 6 +7Lb (33)

Equating expressions (3.2) and (3.3), we obtain the geometry of the equivalent

foundation:
L=nr, B=12r* +b*/6. (3.4)

For a hollow square foundation with average half side » and width » (Fig.
3.6b), its area A4, and the inertia moment /; with respect to its axis of symmetry
are

A =8-r-b, I_S:§~r-b-(4r2+b2). (3.5)

Equating expressions (3.3) and (3.5), we obtain geometry of the equivalent

foundation:
L=4r, B =18 /3+b*/3. (3.6)
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(a) (b)

Figure 3.6 The equivalent foundations: (a) ring; (b) hollow square.

3.2.3 Overturning moment due to an incremental inclination

In the vertical position, both foundation springs would be loaded by equal loads
F =G/2, where G is the weight of the structure, which would not produce any

differential settlements. Inclination by an angle o causes a horizontal shift in the
position of its center of gravity (Fig. 3.7a)

x=H_ -sina, 3.7
and a relative differential settlement

d —d
-+ Y —sinaq, (3.8)
B

Where H. is the height of the center of gravity. As a result (Fig. 3.7b), the force in
the spring in the direction of inclination will increase to F; (loading), while the
force in the opposite spring will decrease to £y (unloading). From the equilibrium
of the vertical forces it follows that

F,+F, =G. (3.9)

In the next section, it will be shown that the center of rotation O is located at the
bottom of the structure at some distance y from the axis of symmetry. Stability of
the structure against overturning requires that the overturning moment with
respect to O,

My =G-(x+ycosa)=G-H, sino+G-y-cosa, (3.10)

does not exceed the resisting moment

B
Mo™ =(F, —Fy)-—-cosa+(F, +Fy)-y-cosa. G.10)
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From the equilibrium Equation (3.9) it follows that the second terms in
expressions (3.10) and (3.11) are identical, and therefore do not affect the stability
so that the stability condition can be written as

H AF
MY <MY = < <—cota, 3.12
0 0 3G (3.12)
where
F -F G G
ANF=—Lt Y -F —=—_F. 3.13
2 L2 Y (3.13)

The question now is: can the foundations mobilize a sufficiently large force
difference AF to ensure stability against the overturning?

(b)

Figure 3.7 Incremental inclination: (a) geometry; (b) overturning moment.

3.2.4 Resisting moment mobilized by the foundations
In the vertical position, both foundation springs are loaded by F =G/2, and

experience the settlement of dg, whose value depends on the loading history (Fig.
3.8a). Once the structure rotates, the foundations are loaded and unloaded by a
force increment AF, and the foundation settlements become d; and dy,
respectively (Fig. 3.8b). The foundation stiffness in loading is smaller than that in
unloading: K, < K,. From Figure 3.8a, it follows that

d —d =2F A

= ) 3.14
e = e (3.14)

which, using Equation (3.8), gives the force difference
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K, K
=—2L Y Bsina (3.15)
K, +K,

and the position of the center of rotation O (Fig. 3.8b)
_ B K,-K,

= . 3.16
4 2 K, +K, (316
Substitution of Equation (3.15) into the stability condition (3.12) gives
H K, -K
< SE-#-COSOL. (3.17)
B G K, +K,
FA ‘
AF T 3 l AF
GI2HAF |- e e 1
! G/2 G2
Kol '
T , | d Q& [ a
K | Vv
] v !
GI2-AF |- 7<% ----- Ko “
dy E ide du d
(a) (b)

Figure 3.8 Resisting moment mobilized by foundations: (a) load-displacement foundation
behaviour; (b) kinematics.

3.2.5 Spring coefficients

The foundations spring constants K; and Ky, unless derived from a full-scale field
test of the type presented in Figure 3.8a, can be estimated using the following
considerations. A conservative stability criterion requires a lower estimate for the
right side of inequality (3.17). This, in turn, requires lower estimates for the values
of foundations spring constants K; and K. First of all, it has been shown (Cheney
et al., 1991) that the Winkler theory is more conservative than the elastic half-
space theory due to the difference in stress distribution beneath the tower.
Secondly, a spring constant is related through Equation (3.1) to the coefficient of
subgrade reaction k limited by the following expression (Lang ef al., 2007):

k> ;42 (3.18)

where M, is the compression modulus; f is a shape factor derived from the plot

in Figure 3.9a. Equality in (3.18) is achieved for an infinitely thick compressible
layer: finite thickness leads to a stiffer response, i.e. a larger k.
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Figure 3.9 Soil stiffness in loading and unloading: (a) correction factor for the coefficient
of subgrade reaction (after Lang et al., 2007); (b) a laboratory consolidation test.

Thirdly, for clays each spring can be presented as an individual oedometer,
and the tangent compression modulus Mz in loading and unloading can be derived
from a consolidation test in Figure 3.9b (tangent modulus corresponds to the small
variation in inclination)

MEL:InIO-(1+eO)G°;—GG, MEU=1n10~(l+eO)G°;—GG, (3.19)

c K

’

where o, = G/2Lb is the contact foundation pressure for the vertical structure;

C. is the compression index;
C, is the swelling index;

N is the in situ void ratio;
o, is the initial stress;

In10 =~ 2.30.

The lower estimates for expressions (3.19) are then given by ignoring the
initial stresses:

M, > 2.3-(1+e0)%, M, > 2.3-(1+e0)‘;—0. (3.20)

c s

Finally, substitution of inequalities (3.18) and (3.20) into (3.1) produces the lower
bounds for the spring constants:

K, >23-(1+¢,) K, >23-(1+¢,) (3.21)

_ G _ 6
2-f-b-C° 2-f-b-C,
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3.2.6 Criteria for leaning instability

In the case when the values of foundation spring constants are known from a full-
scale field test, the criterion for the stability of a vertical structure is obtained from
inequality (3.17) with . =0:

H, B K, K,

<2 DLnu (3.22)
B GK,+K,

In most cases, however, the full-scale foundation test is not possible and the
stability criterion has to be based on the laboratory estimates of the soil stiffness.
This criterion is obtained by substitution of expression (3.21) into (3.22):

HCS B .1.15-(1+e0)
B f(L/b) b C.+C,

(3.23)

where f'is a form factor derived from the plot in Figure 3.9a. If this inequality is
not satisfied, a small deviation from the vertical position will
cause the structure to fall.

For a ring foundation, substituting Equation (3.4) into (3.23) gives

H, _ p’+1/12 23:(l+¢)

r f(mp)p C.+C,

, (3.24)

where
p=r/b, p>./5/12 ~ 0.65. (3.25)

The inequality in (3.25) follows from the condition B >b applied to the
second Equation (3.4), so that the two equivalent foundations in Figure 3.5b
would not overlap.

For a hollow square foundation, substituting Equations (3.6) into (3.23) gives

c

r3-f(4p)p C+C

H, _ 4p°+1/2 23-(l+¢)

(3.26)

where
p=r/b, p>0.5. (3.27)

The inequality in (3.27) follows from the condition B>b applied to the
second Equation (3.6). Using criterion (3.24), we can attempt to define a minimum
H_ /r ratio, for which the above leaning instability analysis becomes meaningful.

The minimum to the right side of inequality (3.24) is achieved at
p=4/5/12~0.65, for which f(mnp)~1.3. Because for many clays

(1+e,)/(C. +C,)>2, any ratio higher than
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H, [r=2.74 (3.28)

should in principle be checked using criterion (3.24). In simple words, any tower
on a shallow ring foundation with a height larger than about 3 diameters may be
subjected to the leaning instability problems!

For a hollow square foundation, similar arguments provide H,/r=3.54,
indicating significantly higher efficiency of a hollow square foundation with
respect to avoiding the leaning instability compared to a ring foundation.

3.2.7 Safety factors

Equations (3.22)—(3.27) provide the critical height to width ratios for the design
of new structures. For an existing structure already inclined by angle o, the
following corresponding definitions of the safety factors against the leaning
instability may be suggested, based on the ratio between the critical (see Eq.
(3.17)) and existing H, /B ratios:

H /B B .
F, :( e/ )”‘ __B KK cosa (3.29)
H/B H.-G K,+K,

or

B? 1.15-(1+eo)
F = . -COS QL. (3.30)
‘ f(L/b)~Hc-b C +C,

For a ring foundation this becomes

. p2+l/12 .2.3-(14—60)
" H, f(mp) p C.+C,

cosa, (3.31)

and, for a hollow square foundation, we obtain

ro 4-p 412 '2.3-(l+e0)

= -COS QL. 3.32
" H, 3-f(4p)p C.+C, (332

3.2.8 Bearing capacity
Inclination of the structure (Fig. 3.7) increases the load F, on one of the footings

(the other one is being unloaded). This load and the corresponding contact stress
o, can be found from the equilibrium of vertical forces (3.9) and moments (3.10)

and (3.11):

H H
F, =E+G ~tana, o, (ot):i l+—"tanoc . (3.33)
2 B b-L\2 B

Once the structure inclination starts increasing (e.g., due to the leaning instability)
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this contact stress may exceed the bearing capacity o, and the foundation will
fail. In the absence of cohesion, this bearing capacity for drained loading is given
by the following modification of Terzaghi formula (Lang et al., 2007):
1 1 1
6,=("t+q)-N, s, -d, +E-b-y “N,-s,-d, (3.34)
where y' is the effective unit weight of soil; ¢ is the foundation depth;
N, =exp(ntan¢)-tan’ [45° +%j, N,=18-(N,-1)-tangp (3.35)
are the bearing capacity factors;
b b
s =l+—tangp, s, =1-04— 3.36
. 7 lane 7 (3.36)
are the shape correction factors;
v

olq:1+0.035tan(p(1—sin(p)2 arctan[éj, d =1 (3.37)

are the depth correction factors.

The safety factor against bearing capacity failure can then be defined by the
ratio between the bearing capacity pressure and the existing contact pressure of the
loaded footing:

F (o) =—7

o, (o)

The solution of Equation F, (a_f ) =1 will produce the value of the inclination
angle o, at which the structure will fail.

(3.38)

3.2.9 Summary

The conclusions from the above analysis can be summarized as follows:

1. In addition to the regular bearing capacity and settlement calculations, any
structure on shallow foundations with a height to diameter ratio larger than
three should be checked for the possibility of a leaning instability failure.

2. This check can be performed using a simple formula.

3. The formula uses three geometric parameters: the height of the centre of
gravity, as well as the average radius and the width of the foundation.

4. In addition, three soil parameters have to be found from laboratory tests: the
in situ void ratio, as well as the compression and swelling indexes.

5. If the existing structure is already inclined, the probability of the leaning
instability increases.

6. The safety factor against the leaning instability can be calculated using one
additional parameter: the inclination of the structure.
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3.3 The Analysis

The theory presented above provides tools for a simplified analysis of the stability
of the Leaning Tower of Pisa.

3.3.1 Simplified model

The relevant tower geometry can be summarized as follows:

- total height of the tower: H=56.0m;

- height of the center of gravity: H.=22.6 m;

- width of the ring foundation: b=17.5m;

- average radius of the ring foundation: r=6.05m;

- initial foundation depth: t,=2.0m.
The corresponding loads are:

- total weight of the tower: G =142.5 MN;

- average vertical stress: 6 =500 kPa.
The average inclination in the beginning of the 90s: o =5.44°

The bearing capacity failure would most likely take place within the upper silt
and sand layers, because the depth is larger than b = 7.5 m (Fig. 3.4a). The ground
water level is assumed to be 1.5 m below the groundsurface. Due to relatively high
permeability of these layers, the failure would take place under drained conditions.
The corresponding effective soil properties recommended by Rampello and
Callisto (1998) for these layers are summarized below:

- friction angle: ¢, =34°%
- effective cohesion: c¢'=0kPa;
- effective unit weight of soil: Y =9 kN/m’.

The leaning instability would most likely take place due to the consolidation
settlements of the upper clay layer. The soil properties recommended by Rampello
and Callisto (1998) for this clay layer (grey-blue silty clay of high
plasticity /, =30-50% ) are summarized below:

- compression index: C,. =0.90;
- swelling index: C, =0.15;
- insitu void ratio: e, =1.5.

The first question to answer is: could this inclination be caused by a bearing
capacity failure?

3.3.2 Bearing capacity

First, we calculate the bearing capacity of the tower close to the end of its
construction when it was still standing straight. The bearing capacity calculation
requires the length of the equivalent footing, which is calculated using the first
Equation of (3.4):

L=m-r=3.14x6.05=19.00 m.
The width of the equivalent footing is b=7.5 m and its depth #=2.0m. The



60 Geomechanics of Failures Chapter 3

friction angle is @], =34°. Substitution of the above parameters into the formulas
(3.35)—(3.37) gives

N,=294, s,=127, d, =107,

N, =345, 5,=084, d, =1.00.

Then the drained bearing capacity (3.34) can be calculated as

6, =(19x1.5+9%0.5)x29.4x1.27x1.07 +

1 (3.39)
3% 75%9x345x0.84x1.00 = 2,300 kPa,

Then the safety factor against the bearing capacity failure for a not inclined Tower
of Pisa was
G, 2,300

F =—L 4.6. (3.40)
} c 500

This is more than sufficient and could, in principle, justify the choice of the
shallow foundation for the tower construction.

Now, when the tower is inclined, the pressure under one of the footings is
much higher than the average one. Calculating from the second Equation (3.4):
B =9.1 m, from the second Equation (3.33) we obtain

o, (o)

Nevertheless, the bearing capacity factor is still sufficiently large:

_ 142,500 l+ 22.6 tan5.44° | =750 KkPa. (3.41)
7.5%19

2 9.1

S, 2,300
‘o 750

L

=3.07 > 3. (3.42)

It has to be mentioned that the above analysis is not conservative, because the true
failure mechanism will most probably go deeper into the weaker upper clay layer.
It can be shown, however, that the safety factor would still be larger than one. It is,
therefore, unlikely that the bearing capacity failure was the source of the tower’s
inclination and we need to look for another reason. Since the ratio (3.28) is

H, [r=226/6.0=3.77>2.74, (3.43)

it is worth exploring the possibility of the leaning instability.

3.3.3 Leaning instability

Substitution of the relevant parameters into inequality (3.24) gives the following
stability condition (note thatp =0.81, so that tp=2.5 and f =1.4 from the plot

in Fig. 3.9a):
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H
< <3.56. (3.44)
-

Comparing this critical value with the tower ratio from Equation (3.24), we
conclude that the Leaning Tower is unstable, with the safety factor against the
leaning instability:

F =398 oes44 2094 <1.00. (3.45)
3.77

K

Note that, unlike for the bearing capacity safety factor (3.42), the inclination
of the tower has a rather negligible effect on the safety factor against the leaning

instability (cos(5.44") = 0.9955).

In fact, already by the end of the Stage II of the construction in 1278, when
the Leaning Tower still stood almost vertical, reaching the height of 48 m and
weight of 13,600 ton, its center of gravity reached the height of H_ =20.7m, so

that the safety factor against the leaning instability became

= 336 s, (3.46)
©720.7/6.0

i.e. very close to failure. It is, therefore, not surprising that the tower inclination
rapidly accelerated exactly at this time!

3.3.4 Discussion

The simplified geotechnical model of the leaning instability of the Leaning Tower
of Pisa is based on the Winkler hypothesis and equivalent foundation approach
and, therefore, cannot account for the spatial variability of geometry, loading, and
soil properties, as well as for the three-dimensional effects of stress and strain
distribution. It also ignores the important issue of the development of inclination
in time. Nevertheless, the model managed to provide a reasonably good prediction
of the onset of the leaning instability by the end of the second stage of the tower
construction. This prediction was not back-calculated! It is based on only six
parameters — three from the tower geometry (which do not leave much room for
an interpretation) and three from the standard laboratory consolidation tests
performed on Pisa clays. These test results, of course, have some considerable
scatter but we used the values recommended by Rampello and Calisto (1998), who
performed this extensive experimental program. This example demonstrates how a
simple geotechnical model can predict such a complex phenomenon as the leaning
instability, provided it incorporates the most essential parameters controlling this
phenomenon.

3.4 Mitigation Measures

The stabilization campaign for the Leaning Tower of Pisa is one of the most
exciting pages in its long history. Following the collapse in 1989 of the civic
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tower in Pavia, the Italian government appointed a Commission to advise on the
stability of the Pisa tower. The geotechnical expertise in this Commission was
represented by Professors M. Jamiolkowski (chairman), J. Burland, G. Leonards,
and C. Viggiani who came up with a stabilization plan which included three stages

(Fig. 3.10).

4— NORTH

~22.5

Drilling rig
l se7  |PA :’

[ . iy |

(b)

Figure 3.10 Geotechnical stabilization measures (after Burland et al., 1998): (a) temporary;

(b) permanent.
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Stage I was a temporary structural reinforcement of the tower in the area of
the maximum stress concentration in the wall, where the tower changes its wall
thickness (circled in Fig. 3.10b). For this purpose, in 1992 temporary lightly pre-
stressed plastic covered steel tendons were installed around the structure at the
first cornice and at intervals up the second storey.

Stage II was a temporary reduction of the overturning moment. For this
purpose, a temporary precast concrete ring was built in 1993 around the base of
the tower and 690 tons of lead ingots were placed on its northern side (Fig. 3.10a).
This reduced the tower inclination by almost one arc minute.

Stage III was a permanent reduction in the tower inclination. Originally this
was supposed to be achieved by construction of ground anchors, which would
replace the ingots by applying a controlled vertical load at the northern side.
However, when in September of 1995 (to which the members of the Commission
refer as the “black September”), the construction work started with an attempt to
stabilize the surrounding soil by ground freezing, the tower tilted dangerously fast,
and the operation had to be aborted. Therefore, an alternative technique — the soil
extraction (Fig. 3.10b) — had to be adopted. This technique has been widely used
in Mexico City and is described in Chapter 1. It was successfully applied to the
Pisa tower and by May 2001, the tower went back by about half a degree, e.g.
returned to its inclination of the 1840s. Finally, the catino and the tower
foundations were grouted together. It would be, of course, possible to reduce the
inclination even further, but nobody really wants to see a straight Tower of Pisa!

3.5 Lessons Learned

3.5.1 Leaning instability

For tall, narrow structures on soft soils, leaning instability can initiate the failure
by increasing a small initial inclination caused by differential settlements.

3.5.2 Failure

Once the structure is inclined, it may eventually collapse due to the structural or
foundation bearing capacity failure.

3.5.3 Deep foundations

If the leaning instability represents a potential problem, the use of shallow
foundations should be avoided, unless they can be made sufficiently wide. Deep
foundation (e.g., piles) could help to improve the stability of the structure by
increasing the foundation stiffness; the tensile resistance of piles is in this case
also beneficial.

3.5.4 Soil extraction

For existing inclined structures, the soil extraction has proven to be a reliable
technique for their controlled stabilization.
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Chapter 4
Bearing Capacity Failure:

Transcona Grain Elevator, Canada

4.1 Case Description

In September 1913, the Canadian Pacific Railway Company completed
construction of a million-bushel (about 36,400 m’) grain elevator at North
Transcona, 11 km north-east of Winnipeg, Canada. The elevator was one of the
most important structures and one of the largest gravity railroad yards in the
world, which covered several square miles and was built on partly farmed,
relatively flat prairie land. The purpose of the elevator was to provide relief for the
Winnipeg Yards during the months of peak grain-shipment.

The structure consisted of a reinforced-concrete work-house, and an adjoining
bin-house, which contained five rows of 13 bins, each 28 m in height and 4.4 m in
diameter. The bins were based on a concrete structure containing belt conveyors
supported by a reinforced-concrete shallow raft foundation.

After the structure was completed, the filling was begun and grain was
distributed uniformly between the bins. On October 18, 1913, after the elevator
was loaded to 87.5% of its capacity, settlement of the bin-house was noted. Within
an hour, the settlement had increased uniformly to about 30 cm following by a tilt
towards the west (Fig. 4.1a,b), which continued for almost 24 hours until it
reached an inclination of almost 27 degrees (Allaire, 1916).

e e T U ——

(b)

Figure 4.1 The collapse of the Transcona Grain Elevator: (a) view looking southwest
(Engineering News, 1913); (b) view looking northeast (White, 1953: © 1953 Thomas
Telford Limited. Used with permission).

Many years later, when soil mechanics had provided the basis for computing
the ultimate bearing-capacity of soils, it was realized that the Transcona failure
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afforded one of the best of the few opportunities for a full-scale check on the
validity of its assumptions (Peck and Bryant, 1953).

4.1.1 Construction

Excavation for the elevator foundations started in 1911. The first 1.5 m of the
ground were rather soft, but then the excavation penetrated into a relatively stiff
blue clay, typical for that area, and locally known as the “blue gumbo”. No
borings were taken (White, 1953), but after the excavation reached its design
depth of 3.7 m, field-bearing capacity tests were carried out by loading a plate laid
upon a prepared smooth clay surface. The test loading was applied using a
specially constructed wooden framework.

The tests indicated that the soil was capable of bearing a uniformly distributed
load of at least 400 kPa (Engineering News, 1913; Allaire, 1916). Because the
maximum foundation pressure was not supposed to exceed 300 kPa, the tests
appeared to satisfy the requirements of the engineers. They assumed that the “blue
gumbo” at the site had similar characteristics and a depth to that on which similar
raft foundations of many heavy structures had been founded in the vicinity of
Winnipeg.

A 60 cm thick 23.5x 59.5 m reinforced-concrete slab (Fig. 4.2a) was built to
serve as a foundation for the concrete framework of the underground conveyor
belt tunnels supporting the bin-house. The construction of the bin-house
proceeded at a rapid rate during the autumn and winter of 1912, the concrete
circular bins being raised at the rate of 1 m per day, until they reached the
designed height of 28 m. The 55 m high work-house was built about 3 m to the
south of the bin-house, on a 21.5x 29.3 m slab foundation (Fig. 4.2a). The only
connection between the two buildings was a bridge for a conveyor belt, operating
in a low cupola at the top of the bin-house. In September 1913, the construction of
the elevator was completed (Fig. 4.2b), and its filling with grain was begun. At
that stage the structures stayed straight and no excessive settlements were
observed.

e 11

Figure 4.2 The Elevator: (a) a foundation plan; (b) completed, before the collapse (after
White, 1953: © 1953 Thomas Telford Limited. Used with permission).



70 Geomechanics of Failures Chapter 4

4.1.2 The failure

The first troubles started about half a year before the end of the construction,
though they were not directly related to the elevator. In the spring of 1913, after
the melting of heavy winter snows, a great deal of trouble was caused throughout
the railroad yards by large settlements of the embankments carrying the tracks
(White, 1953). In one case, high-level tracks, which were laid on a 9 m high
embankment, subsided by more than a meter, causing a significant heave of
subsoil on the sides of the embankment.

The major incident happened on Saturday, 18th October, 1913. Between 11
and 12 a.m., with the elevator containing 875,099 bushels of grain, movement was
noticed on the bridges between the bin- and work-houses. By 1 p.m., the bin-
house had already settled about 30 cm. The 7.5-9.0 m wide strip of ground
around the bin-house (except for the south side, where the work-house stood)
heaved up 1.2 - 1.5 m. In the afternoon, the settlement rate became higher on the
west side, producing a tilt to the west.

The structure continued settling and tilting until noon Sunday, 19 October.
However, as the structure tilted to the west, the earth on that side bulged up,
forming a cushion which slowed down the movement. The movement of the bin
structure was gradual and barely susceptible to the eye, but a considerable amount
of commotion was caused by the connecting bridges carrying the conveyor belts
breaking down and crashing to the ground. During the night, the cupola structure
housing the conveyor over the bins suddenly collapsed and fell to the ground. This
reduced the load and there was subsequently little further movement (White,
1953). The final position of the bin-house was at an angle of about 27 degrees
from the vertical, with the east side raised 1.5 m from its original level, opening a
gap in the ground, while the west side was 9 m below its normal level.

The main concern of everyone at the time was whether the work-house could
stand the disturbance. Check levels were therefore taken and it was found to be
standing firm. Naturally a great strain was put on the comparatively thin walls of
the storage bins, but they were apparently significantly over-designed so that the
bin-house showed hardly any damage, apart from a few small hair cracks
(Engineering News, 1913).

4.1.3 The problem

Several wash-borings were made immediately after the failure, showing that the
elevator was underlain by rather uniform deposits of clay. This finding was in
agreement with the geological history of the area, according to which extensive
fine-grained sediments were deposited in the waters of the glacial Lake Agassiz
which came into being when the Wisconsin ice-sheet blocked the region’s
northern outlet. Winnipeg lies above one of the deeper portions of the lake basin
and, as a consequence, about 9 to 17 m of laminated sediments are found
overlying the Ordovician limestone bedrock.

The wash-borings, therefore, confirmed the designers’ assumptions, and the
failure of the Transcona Grain Elevator remained a mystery for another 40 years.
Indeed, if the smaller-scale plate loading tests predicted a safety factor of more
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than 1.3, and the soil profile is homogeneous, how could the foundation fail?

The answer to this question was given by Peck and Bryant (1953) who, in
1951, made two additional borings, far enough from the zone of failure to be in
material unaffected by the displacements. They obtained undisturbed soil samples
and performed unconfined compression strength tests (triaxial shear tests with
zero confining stress), which produced some eye-opening results (Fig. 4.3).
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Figure 4.3 Soil profile below the elevator (after Peck and Bryant, 1953: © 1953 Thomas
Telford Limited. Used with permission): (a) classification; (b) unconfined compression
strength.

In terms of its colour, grain distribution and mineralogical content the clay
may have looked almost homogeneous with depth (Fig. 4.3a). Note that these
were the only properties that could be assessed in wash-borings in 1913. In
contrast, in terms of the unconfined compression strength, g, , there are two easily
distinguishable layers (Fig. 4.3b). The upper one, a 7.5 m thick stiff clay layer
with ¢, = 108 kPa (undrained shear strength ¢, =¢,/2 =54 kPa), appears to be

resting on a softer clay layer with g,= 62 kPa (¢, =31kPa). This finding

suggests that the elevator failure was most likely caused by the insufficient
bearing capacity of its foundation.
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4.1.4 The bearing capacity failure

The first three chapters of this book demonstrate how a structure can fail to
function properly due to excessive settlements and tilt, which are caused by high
compressibility of soil, rather than by its insufficient strength. In this chapter, we
are concerned with the classical bearing capacity failure due to insufficient
undrained shear strength. How could we distinguish between the two types of
failure?

An excessive settlement takes place due to consolidation and secondary
compression and is caused by a decrease of the soil volume below the foundation.
Therefore, it takes place rather slowly and the ground surface around the structure
subsides together with the foundation (Fig. 4.4a).

In a bearing capacity failure, a failure mechanism is formed below the
foundation (Fig. 4.4b). The settlement takes place much faster and without
decrease of the soil volume. Therefore, the displaced soil has to find itself an exit,
causing a ground heave in the vicinity of the structure. This ground heave is a
distinctive feature of the failure of the Transcona Grain Elevator (Fig. 4.4c), and
was already present at the early failures of the railroad embankments described in
Section 4.1.2.

P;

Figure 4.4 Bearing capacity failure: (a) settlement; (b) failure; (c) the ground heave (after
White, 1953: © 1953 Thomas Telford Limited. Used with permission).

The particular problem of the Transcona Grain Elevator was that the failure
mechanisms of the plate loading tests were apparently confined to the upper stiffer
clay layer, due to the relatively small size of the plates. The elevator foundation,
however, developed a much deeper failure mechanism which entered the weaker
clay layer, significantly reducing the bearing capacity.

The problem of the bearing capacity of layered strata has received a lot of
attention in the literature, using both rigorous analytical and numerical approaches
(Merifield et al., 1999). The purpose of this chapter is to show how some simple
approximate methods provided a fairly good prediction for the bearing capacity
failure of the Transcona Grain Elevator.
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4.2 The Theory

4.2.1 Undrained bearing capacity formula

Under rapid loading, the ultimate bearing capacity of a bx L rectangular footing,
based at a depth ¢ on saturated clay with the undrained shear strength ¢, , and the
total unit weight vy, is given by the following modification of Terzaghi formula
(Lang et al., 2007):

Gf:('Y't""Q)J"CMNc(lJ"Sc+dc)’ 4.1)

where ¢ is a surcharge load;

N, =2+n~5.14 4.2)
is the bearing capacity factor;
b
s, = 0.22 (4.3)
is the shape correction factor;
d = o.4é (4.4)

is the depth correction factor.
The safety factor against the bearing capacity failure for a footing with a
contact pressure o is thus given by

F =—L. (4.5)

4.2.2 Upper bound limit analysis

The value of the bearing capacity factor in Equation (4.2) can be obtained using
the upper bound limit analysis of the Prandtl (1920) kinematic failure mechanism
for a strip footing (Fig. 4.5a). This mechanism consists of two rigid triangular
blocks and a fan shear zone.

(e} (e}
Yt+q U Yt +q yt+q / 0 7vt+g
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Figure 4.5 Kinematic failure mechanisms: (a) Prandtl; (b) simple scoop.
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For a bearing capacity problem, the Upper Bound Theorem of the Limit
Analysis (Drucker et al., 1952) states that collapse will occur under the smallest
values of the surface loads for which it is possible to find a kinematically
admissible failure mechanism. For plastic deformation governed by Tresca’s yield
criterion (applicable to undrained loading conditions), a failure mechanism is said
to be kinematically admissible if

- it satisfies the incompressibility condition;

- it satisfies any imposed kinematic boundary conditions.

It can be shown that the Prandtl mechanism (Fig. 4.5a) is kinematically
admissible.

In simple words, if we find a kinematically admissible mechanism and
determine the surface load which brings it to failure, this load will be always
larger than the true collapse load (or in the best case equal to it). To find these
surface loads we use the fact that, in the absence of inertial effects, the rate at
which the applied loads do work (calculated by multiplying these loads by the
rates of displacements at the points of load application) must equal the rate of
internal plastic work. We always try to find a mechanism which fails at the
smallest surface load and, if we are lucky, this smallest load will be equal to the
largest load obtained from the Lower Bound Theorem of the Limit Analysis
(Drucker et al., 1952). In this case it will represent the true collapse load, as is the
case with the Prandtl mechanism in Figure 4.5a, so that N, = 5.14 in Equation

(4.2) is actually the exact solution.

To demonstrate how the Upper Bound Limit Analysis works, we shall,
however, consider a much simpler, rigid scoop mechanism in Figure 4.5b, with
radius » and the center of rotation O located over the footing edge. It satisfies
kinematic boundary conditions (nothing obstructs its rotation). Being rigid, it also
automatically satisfies the incompressibility condition. Therefore it is
kinematically admissible. Let us find its failure surface load o, .

Assume that the mechanism rotates counter-clockwise by a small angle df
(Fig. 4.5b). The work of the surface loads on this small rotation can be then
calculated as a product of forces and the corresponding displacements:

w :[Gfb—(yt+q)bJ(§d9j. (4.6)

The internal plastic work dissipated on the scoop boundary during this small
rotation is calculated as a product of the shear resistance integrated along the
circular arc and the displacement on the boundary

W’ = (20ch“ )(rd(%)). 4.7

Equating (4.6) and (4.7), we can express the failure load o, in the form of the
equation

6, =(t+q9)+c¢,N,, (4.8)
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where
N, =4a(r/b)". (4.9)

This failure load is larger than the true collapse load. However, by looking for the
most dangerous kinematic mechanism from the rigid scoop family in Figure 4.5b,
we can minimize this failure load and approach the true collapse load from above.
Noting that sino = b/r = x , we can rewrite (4.9) as

N, =4x7 arcsin x (4.10)

and the smallest failure load will be obtained for x, at which dN, /dx =0:

—-8x~ arcsinx+4x'2/ 1-x* =0. (4.11)

Equation (4.11) has a solution at x=0.919, which corresponds to the most
dangerous mechanism in this family, with the center of rotation O located at the

distance b«/l/ x> —1~0.43b above the footing edge (Fig. 4.5b). It corresponds to
the smallest failure load of N, =5.52. As expected, this load is larger than the

true collapse load of N, = 5.14, but only by 7%, despite the fact that the scoop

mechanism is considerably simpler than the Prandtl mechanism! The real
advantage of the scoop mechanism will, however, become evident when we
consider two-layer strata.

4.2.3 Two-layer strata

For our bearing capacity calculations, we have only so far considered
homogeneous soils. Consider now two-layer strata (Fig. 4.6), with an upper layer
of thickness D and undrained shear strength c,,, and the lower layer of thickness
larger than b—D and undrained shear strength ¢, .

Yt +q 0 Yt +4q
m e e
C

i N o D // ul
b r

1~

Figure 4.6 A two-layer strata: a kinematic failure mechanism.
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For the Prandtl mechanism (Fig. 4.5a), it becomes very difficult to calculate
the failure load, and it is even not guaranteed that this is going to be the exact
solution.

An approximate solution can be found by weighted averaging of the
undrained shear strength over the depth b/2 (approximate depth of the failure

mechanism):
¢, =c m+c,(1-m)=c, (m+n—mn), (4.12)

where
m=2D/b, n=c,/c, (4.13)

and substituting it into Equation (4.1). Though often used in practice, this is not a
rigorous plasticity theory solution, and we do not even know if the obtained
bearing capacity is below or above the true failure load.

The scoop mechanism (Fig. 4.6), however, does offer a rigorous upper bound.
The work of the surface loads on a small rotation dO is still given by Equation
(4.6). The internal plastic work dissipated during this small rotation on the scoop
boundary now has two terms:

NP =b*+D

7

wh = [ZOLrCuI +2 arccos(

]r(cuz —¢, )](rde). (4.14)

Equating (4.6) and (4.14) we can express the failure load o, in the form of the

equation
6,=(t+q9)+¢,N,, (4.15)

where

bY mbl||(rY
N, =4 0c+(n—l)arccos[ 1—(7j +?7J [Zj ) (4.16)

Again, by looking for the most dangerous kinematic mechanism, we shall try to
minimize this failure load and approach the true collapse load from above.
Because sina =b/r = x , we can rewrite Equation (4.16) as

N, =4x7 (arcsinx+(n —l)arccos(\/l—x2 +%D (4.17)

and the smallest failure load will be obtained for x, at which dN, /dx =0:
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—8x~° (arcsin x+(n- 1)arccos(\/1 —x* 4 %D +

1 3 1-x
1— 2 2
Ji-x \/1—[\/1—# +”;xj

Equation (4.18) can be resolved numerically with respect tox, which would
correspond to the most dangerous mechanism for specific values of m and n.
Substitution of this x into Equation (4.17) will produce the smallest failure load.
For a weaker lower layer ¢, <c, (0<n<1) and0<m<3, the corresponding
values of N, are given in a plot in Figure 4.7 (after Button, 1953).

The bearing capacity factor cannot exceed N, =5.52 corresponding to

(n—1)[—xz+’;’J (4.18)
0.

4x72

homogeneous soil.

cypp/cy=n

04 06 08 1.0
| J

07

Figure 4.7 A two-layer strata: the bearing capacity factor for ¢, <c,, (modified from
Button, 1953).

4.2.4 Summary

For homogeneous soils, the conventional bearing capacity formula based on the
Prandtl failure mechanism provides an exact solution (of course, within the
assumptions of the theory of plasticity — nothing in geomechanics is truly
“exact”). For two-layer strata, however, this solution cannot be applied directly,
and its approximation using a weighted average of shear strength with depth is not
rigorous. This is where the Upper Bound Limit Analysis can provide some useful
results, using simpler kinematic failure mechanisms, such as the scoop mechanism
in Figure 4.6. The values of the bearing capacity factor in the plot in Figure 4.7,
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are rigorous upper bounds and are, of course, larger than the true collapse load.
Therefore, they are not conservative and an important question has to be
answered: how far are we from the true collapse load? Analysis of the Transcona
Grain Elevator failure provides us with a unique opportunity to make this
assessment basing of a full-scale case study.

4.3 The Analysis

The theory presented above provides tools for a simplified bearing capacity
analysis of the Transcona Grain Elevator foundation, which follows the approach
of Perloff and Baron (1976).

4.3.1 Model parameters

Geometry (Fig. 4.2a and Peck and Bryant, 1953):
- width of the rectangular footing: b =23.5 m;
- length of the rectangular footing: L =59.5 m;
- depth of the foundation: ¢ =3.7 m.

Soil profile (Fig. 4.3 and Peck and Bryant, 1953):
- thickness of the upper clay layer below the footing D = 6.0 m;
- undrained shear strength of the upper layer ¢, =q,, /2 =54kPa;
- undrained shear strength of the lower layer c,, =¢,,/2 =31 kPa;
- total unit weight of clay in both layers y =18.7 kN/m’.

Loads (Allaire, 1916; Peck and Bryant, 1953):
- surface surcharge load ¢ =0;
- failure contact pressure from the plate load tests: o
- true contact pressure at failure: o, =293 kPa. ‘

;® 400 kPa;

4.3.2 The bearing capacity assumed in the original design

In the original design, it was assumed that the soil profile was homogeneous with
the properties of the stiff upper layer c,, =54 kPa. In this case, the bearing
capacity of the foundation could be calculated using Equation (4.1), where the

bearing capacity factor, the shape and depth correction factors are given by
Equations (4.2) —(4.4):

N, =514, s :0.2£:0.08, d :0.4i:0.06 (4.19)
59.5 23.5

c c

so that

o, =(18.7x3.7+0) +54x5.14x(1+0.08+0.06) = 386 kPa.  (4.20)

This bearing capacity estimate is rather close to the smallest failure contact
pressure of o, ~400 kPa obtained from the plate load tests, whose shallow
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kinematic mechanisms apparently stayed entirely within the upper layer. It is,
however, significantly higher than the true failure pressure ¢, =293 kPa.

4.3.3 A conservative estimate

Note that if the soil was homogeneous but with the properties of the weaker lower
layer (c,, =31 kPa), the resulting bearing capacity would be

6, =69.2+31x5.14x1.14 = 251 kPa. 4.21)

If this value was available to designers, the result would actually not be that bad:
not only the elevator would not fail, it would not even be too much overdesigned.
Indeed, the predicted value is only 20% more conservative than the true failure
pressure of o, =293 kPa.

4.3.4 Two-layer strata

A more-sophisticated analysis, based on a two-layer model, should produce more
accurate predictions. First, we follow Peck and Bryant (1953) and use the
approximate method based on the Prandtl solution using a weighted average of the
undrained shear strength. To find its value, the parameters

m=2x6.0/23.5=0.51, n=31/54=0.57, (4.22)
are calculated from Equation (4.13) and substituted into (4.12):

¢, = 54x(0.51+0.57-0.51x0.57) = 43 kPa. (4.23)

Then the bearing capacity is estimated as

6, =69.2+43x5.14x1.14 =321 kPa, (4.24)

which is 10% larger than the true failure pressure of 6, =293 kPa!

While the Prandtl solution for a homogeneous soil is the exact solution, in our
two-layer approximation, we observe that it is not only inaccurate, but it is also
not conservative and could lead to failure.

The scoop mechanism, in contrast, provides a remarkably good bearing
capacity estimate. Using parameters (4.22), from the plot in Figure 4.7 (Button,
1953), we obtain

N, =317, (4.25)
which, being substituted into (4.15), gives

G, =69.2+54x3.7x1.14 = 297 kPa. (4.26)

Being an upper bound, this value, as expected, is higher than the true failure
pressure of o, =293 kPa, but only marginally. It would provide an excellent
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estimate for design of the elevator, if only the Soil Mechanics was more mature in
those days and the soil properties were properly determined.

4.3.5 Discussion

The above analysis confirms that insufficient bearing capacity was the most likely
cause of the Transcona Grain Elevator failure. The Prandtl mechanism would
provide a reasonably good prediction of the bearing capacity if the soil was
homogeneous, as confirmed by the plate load tests, where the failure mechanism
was entirely confined to the upper clay layer. The real mechanism was much
deeper due to the large foundation width and penetrated a weaker lower layer. An
approximate approach using the Prandtl formula with averaged shear strength
appeared to be neither accurate nor conservative. In contrast, the upper bound
limit analysis using a scoop mechanism provided a remarkably good prediction.

4.4 Mitigation Measures

4.4.1 Emptying of the elevator

The first priority was to save the wheat. This was done by tapping holes in the
most westerly row of bins at approximately ground level and bleeding out the
grain upon a belt conveyor built parallel to the bins (Fig. 4.8). After the bins of
this outer row were emptied down to the ground line, holes were made in the next
row, and so on. This was a dangerous operation, because the bins were not
designed for such an inclination and for the varying load of grain successively
emptied row after row. The grain below the ground level was removed to the deep
trench dug at the north side using existing underground conveyor tunnels. In spite
of the difficulty and danger of these operations, all wheat was successfully saved
in less than 3 weeks.

Figure 4.8 Emptying the grain (after White, 1953: © 1953 Thomas Telford Limited. Used
with permission).
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4.4.2 Underpinning of the work-house

The next step was underpinning the work-house to rock, as it was feared that it
may become unstable as well. This was achieved by sinking a 1.5 m diameter pier
under each of the 24 columns of the building. Because of the heavy loads, the
height of the structure and its small base, it was necessary to reinforce the
foundation and the structure before the underpinning operation could begin. This
was achieved by sinking twenty 1.2 m diameter piers outside the building walls
and constructing a framework of wooden pushers. A truss arrangement was
formed allowing for a larger part of the building load to be temporarily transferred
to the external piers. After this, access tunnels were excavated under the
foundation mat and 2 m diameter piers were sunk down to rock under each of the
internal columns. The 1.5 m diameter piers were sunk under the wall columns and
the building load was transferred to the new foundation. The work was completed
by June 1914.

4.4.3 Straightening of the bin-house

The works to straighten and underpin the bin-house started in February 1914. It
was decided not to return to its original elevation, but just to bring it above the
groundwater level, 4.3 m below its original position. A row of fourteen 2.1 m
diameter piers below the lower end of the foundation slab was sunk to the rock
and concreted (Fig. 4.9a). As the under-excavation on the east side commenced
(Fig. 4.9b), the building began to rotate around the piers, assisted by the row of
pushers on the west side.

Four additional rows, each of fourteen 2.1 m diameter piers, were sunk to the
rock level (Fig. 4.10a). As the building continued to get straightened by
excavating on the higher side, the center of rotation was first shifted to the second
pier row on the lower side, and then to the central row. The jacking screws (Fig.
4.10b) were then placed at the freed western pillars and helped to control further
rotation by pushing the western side of the building up.
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Figure 4.9 Under-excavation at the east (high) side (after Allaire, 1916): (a) a cross-section
with the piers; (b) a view.
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Figure 4.10 Jacking-up the west (low) side (after Allaire, 1916): (a) a cross-section with

the piers; (b) the screw jacking units.

4.4.4 Underpinning of the bin-house

(b)

In October 1914, the building returned to the vertical position (Fig. 4.11). All five
rows of 14 deep foundation shafts each were already in place, and all that was left
to do was to remove the jacking units and to concrete the piers up to the contact
with the original foundation slab. It was decided not to straighten a slight 1 degree

tilt of the bin-house towards the north (Fig. 4.11), as it did not interfere with the

elevator operation.

Figure 4.11 The elevator in righted position (after White, 1953: © 1953 Thomas Telford

Limited. Used with permission).
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4.5 Lessons Learned

4.5.1 Site investigation

The main lesson is the importance of the proper geotechnical site investigation.
The fact that other similar heavy structures in the area were founded on similar
foundations did not help. A locally weaker clay layer located below the typical
stiff clay layer messed up all the analogies.

4.5.2 Field load tests

The field plate load tests also did not help to avoid the failure. This happened due
to the scale effect: the small size of the plates compared to that of the foundation
did not allow for the deeper weak clay layer to be involved in the failure
mechanism during the tests. Conclusion: in order to be able to make meaningful
predictions based on the field load tests, these tests have to be performed at the
real one-to-one scale or at different elevations (which is an involved and
expensive operation).

4.5.3 Conservative design

The Terzaghi formula based on the Prandtl mechanism provides the exact solution
for undrained bearing capacity of a homogeneous soil. For two-layer strata,
application of this formula with averaged shear strength may not necessarily be
conservative. In this case a conservative prediction may be achieved by assuming
that the soil is homogeneous with the undrained shear strength of the weaker layer.
This prediction, however, may lead to an over-conservative and too expensive
design.

4.5.4 Upper bound limit analysis

An upper bound limit analysis using a simple kinematic mechanism can provide a
useful tool for determining an upper bound for bearing capacity of a foundation on
layered strata. Though the obtained prediction is not conservative, in some cases
(like the one considered in the present chapter), it may be pretty close to the true
failure load.
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Chapter 5
Caisson Failure Induced by Liquefaction:

Barcelona Harbour, Spain

5.1 Building a Caisson Dyke

The design of a new entrance for the Barcelona harbour involved opening a
channel through the existing dyke and the protection of the opening by means of a
new dyke made of reinforced concrete caissons (Fig. 5.1).

Caissons (each 19.6 m wide, 19.5 m high and 33.75 m long) were built in a
mobile platform and towed to their intended position, shown in Figure 5.1.
Caissons have a cellular structure. Inner vertical concrete walls allow filling the
caisson in a controlled manner. In this way, the caisson may be precisely sunk (by
controlled inundation of cells). Once “in situ”, the total weight is increased by
sand filling the caisson cells. Caisson foundation design should ensure stability
against caisson weight and wave loading.

i M - =8 . Google-

Figure 5.1 The new caisson breakwater (background photograph from Google Earth).

Foundation soils were deposited during the development of two overlapping
deltas (Besos river delta towards the north-east and Llobregat river delta towards
the south-west of the site). Soft silts and silty clays extend from the surface to
substantial depths (tens of meters). A band close to the coastline is covered by a
mantle of sand whose thickness decreases towards the sea.
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The deep soft soils in the Barcelona harbour area are a challenge for caisson
stability. The favoured design is to substitute part of the natural soils by a
frictional fill extending on both sides of the breakwater (sea side and land side).
Figure 5.2 shows a sketch of the foundation conditioning. A dredged trench is first
excavated. Coarse granular soils are then backfilled and a final gravelly layer is
leveled in preparation for caisson sinking.

Once sunk in place, caissons are finally capped with a concrete slab and a
protective wall is built to avoid wave overrunning. It will be shown later that the
vertical average net stress of the caissons filled with sand against the foundation
soils is of the order of 220 kPa.

a} b)

c) d)

Figure 5.2 Caisson construction sequence: (a) initial soil conditions; (b) trench excavation;
(c) extension of granular embankment; (d) caisson sinking.

5.2 The Failure

Dredging of the trench prepared to receive the coarse granular fill was finished on
November 2000. Trench filling took the following six months. On May 10, 2001
the granular base was levelled and ready for the sinking of four caissons, in the
position shown in Figure 5.1 (Caissons 1, 2, 3 and 4). Caisson sinking began,
however, in the middle of October 2001. Cells were filled with sand some days
later.

On November 10, 2001 an east-northeast storm with maximum significant
wave heights of 4 m hit the coast. The time record of wave period and significant
height is given in Figure 5.3. Some time during the night of November 10 and
November 11, the four caissons failed. Figure 5.4 shows an aerial view of the
failure. The two central caissons are not in sight and the extreme ones are seen to
be tilted and partially submerged.

This failure was not a good starting experience for a breakwater typology
which began to be used in the Barcelona harbour area, known for its soft
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foundation soils. The traditional and successful design was the embankment type
of breakwater. The failure teaches, however, an important lesson to geotechnical
engineers: the risk involved in moving ahead of standard well-proven engineering
practices and entering into new ground, into a “terra incognita”.

Let us examine first the failure in more detail.
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Figure 5.3 Significant wave heights (H,) and wave period (7)) of the storm.
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Figure 5.4 Failed caissons.
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The recorded maximum wave period was 9 seconds. The maximum intensity
of the storm in terms of significant wave height (H; = 4 m) lasted around one hour
and therefore the number of wave load applications during this time interval was
around 250 — 350. However, the precise failure time is unknown.

Soil profiles were established after the failure. They could be compared with
the sea bottom topography before the works and immediately before caisson
installation. Such a comparison is given in Figure 5.5 for a cross-section of
Caisson 3 (one of the central caissons). The original and final positions of the
caisson are also plotted.
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Figure 5.5 Cross-section through Caisson 3 before and after failure. Also shown is the
original soil profile, the excavated profile, the granular berm, and the soil profile after the
failure.

The caisson is deeply buried into the soil. The tilt of caisson top, towards the
open sea, is consistent with a bearing capacity type of instability induced by an
inclined load (the resultant of caisson self-weight and wave loading).

The caisson volume below the soil surface is estimated in Figure 5.5 to be 240
m’/m. The depth of burial suggests that the foundation soil could have liquefied.
This aspect will be examined later. The internal caisson walls were severely
damaged. Wall reinforcement was not intended to resist the efforts associated with
a large tilt.

The four caissons involved in the failure were later covered by a conventional
fill-type breakwater. However, the remaining caissons envisaged in the project
were built after a revision of the foundation design. They provided settlement data,
shown later, which helps to derive some foundation parameters (average stiffness
and consolidation coefficient).

The profiles given in Figure 5.5 indicate that the initial excavation in sands, in
the land direction, was substantially filled again after the caisson failure. The
calculated soil volume between the surface profiles before and after the storm is
around 220 m’/m, a value which is very similar to the buried caisson volume
under the foundation level. It is then reasonable to accept that the caisson failure
displaced the foundation soil towards the land side following a deep failure
surface. It is also inferred that wave action after the caisson failure distributed the
volume of soil initially displaced by the caisson failure over a wider area.
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5.3 Soil Conditions

Figure 5.6 shows a simplified representative stratigraphic profile under caissons.
An upper layer of loose silty sand, 10 meters thick, overlies a deposit of clayey
silts and silty clays, 20 m thick. Below, a level of medium to dense sands was
found. The upper 9 m of sands were removed by dredging. It appears that the
thickness of the coarse granular fill below the caisson was rather small (around 2
m). The figure also shows the estimated lateral extent of the coarse granular
embankment in the land direction. A detailed stratigraphic record with additional
information on soil parameters derived from a few undisturbed samples tested is
given in Figure 5.7. The figure also includes SPT N values.
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Figure 5.6 Simplified soil profile under caissons.

The silty clay is a soft deposit as revealed by the low N values (9, 4, 4, 5,
13...). It has a moderate plasticity (w;= 30—-32.6%) and the Plasticity Index is
particularly low (4—10%). These deltaic deposits classify as ML, CL-ML or CL.
The void ratio is high: 0.92 — 0.96.

Figure 5.8 shows an oedometric compression curve of a specimen recovered
at a depth of 12.50 m below the soil surface. If normally consolidated, the vertical
yield or preconsolidation stress would be around 12.50 m x 8 kN/m® = 100 kPa.
This is close to the value found in the oedometer test using a classical construction
shown in the figure. It is concluded that the silt deposit is normally consolidated.
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The calculated virgin compression coefficients (C.= 0.22 —0.26) are high.

The coefficient of consolidation determined in small specimens is of limited
reliability. The settlement records of the caissons built later will be analyzed
below to determine this parameter and to estimate the permeability “in situ”. The
lower silty sands and clean sands are markedly stiffer. This is reflected in the high
SPT values (N = 15 to 46), in the lower void ratio (e = 0.7) and in the small
compressibility index, C, = 0.06, measured in an oedometer test on a recovered
sample.

Unconfined compression strengths, measured in samples (12-19 kPa),
remain below the minimum accepted values for a normally consolidated low
plasticity deposit, a result which may be explained by sample disturbance.
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Figure 5.7 Detailed soil profile under caissons.
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The undrained strength of normally consolidated soils increases with the
confining effective stress. A useful relationship is

¢, =ac, (5.1)

u

where o is the vertical effective stress and a is a coefficient which takes values

in the range a = 0.25-0.30. Expressions have also been found for ¢, in terms of

the mean effective stress, o, , which are also useful in applications
¢, =ac (5.2)
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Figure 5.8 Oedometer test on a sample recovered at a depth of 12.50 m below the soil
surface.

The expression for coefficient @ and a can be derived following a
theoretical procedure. For instance, Wood (1990) and Potts and Zdravkovic (1999)
presented such derivations for a Cam Clay elastoplastic model (see Chapter 6). If
the coefficient of earth pressure at rest, Ky, is known, the mean effective stress is
given by
c, = %GC (5.3)

and, therefore,
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3a
1+2K,

(5.4)

a_:

For a normally consolidated clay, K, = 0.5, and a =0.38 if a=0.25. This
value for a will be used later. Further discussion on undrained strength is given
in Chapter 6.

Simple shear tests performed in specimens recovered in the same deltaic
formation of silty soils provided ¢, /o’ values in the range 0.25 — 0.30. It appears

that Equations (5.1) or (5.2) provide a good estimation of undrained strength in
our case. It indicates that strength increases linearly with depth. The excavation of
upper sands leaves the soil overconsolidated (provided that enough time has
elapsed to dissipate pore pressures) but the undrained strength remains slightly
below its original value because water content changes during unloading will
remain small and the soil void ratio will essentially remain unchanged.

It follows that the first sinking of the caisson found a silty soil on the upper
boundary of the silty clay deposit (at 9 m of depth with respect to the original
ground level) having a value of ¢, of around

¢, ~0.250" =0.25-y,, -depth = 0.25x9 kN/m® x9 m = 20.25 kPa, (5.5)

where vy, is the average submerged unit weight for sands and silts that correspond
to an average saturated unit weight (Ys) of 19 kKN/m’ and a water unit weight of
10 kKN/m®. On the lower contact between the silty layer and the dense sand level
on the bottom (at a depth of 30 m), the undrained strength is

¢, =0.25x9 kN/m*x30 m = 67.5 kPa. (5.6)

The distribution of ¢, with depth is plotted in Figure 5.6.

The remaining properties indicated in Figure 5.7 complete the description of
the soil. Drained direct shear tests provided friction angles of 25°—-31° and
negligible cohesion intercepts.

Additional data was provided by a cone penetration test (CPT) performed in
the caisson foundation area during the design stage. The test was run at a water
depth of 24 m on the sea side of the breakwater position. The record is shown in
Figure 5.9. The test was run in several stages from the bottom of an advancing
borehole. The initial penetration resistances at every repeated pushing operation
are affected by a stress release induced by the boring excavation and possibly by
some soil remoulding. If these initial parts of the penetration records are
disregarded, the test shows a linear increase of the cone penetration resistance
with depth, which is an indication of a normally consolidated state of the soil.
Being at a water depth of 24 m the cone is recording the strength of silty clays (the
upper sand layer is not present at these water depths). The undrained strength is
correlated with point resistance, ¢, , through (Lunne et al., 1997)

¢, =3 (5.7)
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where o, is the total vertical stress at the current location and Ny is a “bearing

capacity” factor, which takes values in the range 10—20. For the Barcelona
harbour soils, a value N, = 15 provides ¢, values consistent with undrained simple
shear data. The CPT test in Figure 5.9 is a good indication of the normally
consolidated conditions of the silt layer and, also, on the validity of Equation (5.1)
with a = 0.25. The peak resistance values indicated in Figure 5.9 correspond to
more resistant and dilatant sand layers. The silty clay strength corresponds to the
minimum envelope of the ¢, record, leaving aside the peaks and the disturbed
initial parts of successive records.

Point resistance (MPa)

0.0 25 5
| | |
Sleeve friction (MPa)
0.0 0.0625 0.125
0 .
2

_~Sleeve friction

. . .
- Point resistance

18

20

Figure 5.9 Cone penetration resistance and sleeve ratio of CPT test on foundation soils.
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5.3.1  Liquefaction

The susceptibility to liquefaction of the low plasticity silty soil of the caisson
foundation may be evaluated by performing undrained cyclic shear tests. But there
is also a possibility of profiting the accumulated experience in earthquake
engineering. A survey on the relationship between risk of liquefaction (under
earthquake conditions) and type of soil (identified by its plasticity) is given in
Figure 5.10 (Seed et al., 2003). The position of samples represented in Figure 5.7
is also indicated in the plasticity chart. They fall in the area of “potentially
liquefiable” materials.

60
Applicable for:
(a) FC= 20% if PI >12%
) (b) FC= 35% if PI <12%
[3]
=l
k=) 40 Barcelona
2z Harbour silts
g
@
=
e 20
= 1 Zone B: Test if wz 0.85 (LL)
=% 12
7 1 Zone A: Potentially Liquefiable
4 if w, >0.80 (LL)
0 T T T 371 47 T T
0 20 40 60 80 100
LL (Liquid Limit)

Figure 5.10 Criteria to assess the possibility of liquefaction of fine soils (Seed et al., 2003.
With permission from ASCE). Also indicated are two representative plasticity points of
Barcelona harbour silts.

Additional necessary information is to know the cyclic stress intensity leading
to liquefaction. Different approaches may be found to estimate this stress level. In
general, all of them try to estimate the stress ratio (/o) : shear stress/vertical

effective stress) inducing liquefaction.

Liquefaction is understood as a substantial reduction in undrained strength
induced by the accumulation of positive pore water pressures during repeated
undrained loading. At the limit, strength reduces to nil values but the back analysis
of real cases indicates that some residual shear strength is generally available
(Olson and Stark, 2002).

Figure 5.11 shows data originated in earthquake-induced liquefaction cases. It
provides the critical stress ratio able to induce liquefaction as a function of the
corrected SPT value. It corresponds to an earthquake magnitude of 7.5 and it
refers to a reference confining stress of 0.65 atm (65 kPa). In an earthquake of
magnitude 7.5, a few strong cycles are applied (15 —20). This is significantly less
than the number of waves hitting the breakwater at maximum storm intensity (H,=
4 m). But despite the differences between earthquakes and wave loading on
vertical caissons, it provides a useful reference value for t/c’: it may vary
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between 0.05 and 0.1 if fines content FC < 5% for the range of SPT values (4
—14) given in Figure 5.7. If FC increases (FC > 35%), the stress ratio increases to
0.1 — 0.2. Cyclic shear tests were performed (reported below) to determine more
precisely the stress ratio for liquefaction.

Liquefied Marginal Non-liquefied

A A A "Qld" Data (Pre-1985)
™ @ O "New" Data
Barcelona w_ L
Harbour silts CSR*= Gy
0.6

— — Seed et al. (1984)
FC=235% lf")% <5%,

CSR*

40

Figure 5.11 Critical stress ratio for liquefaction in terms of SPT values and fine’s content
(Seed et al., 2003. With permission from ASCE). Also indicated is the range of Ngpr values
recorded in the soil investigation.

Figure 5.12 Definition of variables in cyclic shear loading.
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A related experimental work was performed on undisturbed silt specimens,
from the same geological formation, recovered in other Barcelona Harbour
emplacements. Undrained simple shear cyclic tests were performed. The cyclic
shear excitation is defined in Figure 5.12.

0.35
Drammen clay, OCR =1, failure
envelope (N;: number of applied
cycles)
0.30 — Number of cycles
Ne=1 .2 for liquefaction
(Barcelona Harbour
0.25 — silts)
____ Design
envelopes
0.20 —
% =
[
0.15 —
1000 304 )
.
0.10 —
— 1500
129
0.05 - \ .
AN
0 T T T T T T
0 0.05 0.10 0.15 0.20 0.25
Tave
Oy

Figure 5.13 Results of cyclic undrained simple shear tests. Also indicated in the figure is
data from Drammen clay (NGI 2002).

The periodic shear stress signal is described by an average value, T, , a
purely cyclic component, 1, and a time period 7. The results of tests performed
are represented in a two-dimensional plot relating 7, /G:, and 1, /o (Fig.
5.13). Each of the points in this plot indicates a combination of the pair
(Teya / 6! ,1,./0,) which leads to failure of the specimen. The number associated
with each point is the number of cycles applied. Increasing 7, /G:, and/or
7,../0, leads to a progressively smaller number of applied cycles necessary to
induce failure. Failure is a consequence of the accumulation of pore pressures
which result in increasing shear deformations because of the reduction in normal
effective stress acting on the shearing plane. In practice, failure was accepted
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when the shear strain reached 10%. Also indicated in the plot are the results for
Norwegian Drammen clay for normally consolidated conditions.

The information given in the plot may be used to isolate a safe region for a
given number of stress cycles applied. Safe regions are limited by the line

T T C
cyel ave u
Sy o g, (5.8)

(&) () (&)

v v v

a being defined in Equation (5.1). Equation (5.8) tells that any combination of
average and cyclic stress ratios leading to the static strength ratio will lead to
failure. When the number of cycles increases, the safe region reduces in size
because the cyclic stress ratio decreases. Two safe regions are shown in the plot in
Figure 5.13 for a low and a high number of cycles (approximately 40 and 5,000),
represented by the upper and lower dashed lines, respectively. In the first case, the
limiting cyclic stress ratio is 0.15, provided the average stress ratio does not
exceed 0.1. In the second case the limiting cyclic stress ratio is 0.1 for average
stress ratios not exceeding 0.15. Beyond this average stress ratio, the cyclic
component should be reduced. This plot will be used to estimate liquefaction
conditions under wave action in the manner indicated below.

04
® Back-calculated liquefied strength ratio and measured CPT
Back-calculated liquefied strength ratio and converted CPT
-
from measured SPT
% O Back-calculated liquefied strength ratio and estimated CPT
8 03+ Estimated liquefied strength ratio and measured, converted
w A )
ﬁ) o or estimated CPT
g % {Number beside symbol indicates average fines content)
212
Slo
Q |~ N
e
E ﬁ Proposed
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g2 \ 35+ _—
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Figure 5.14 Liquefied strength ratio from liquefaction flow failure case histories (Olson
and Stark, 2002 © 2008 NRC Canada. Reproduced with permission).



100 Geomechanics of Failures Chapter 5

A final point concerns the static strength after liquefaction. In order to answer
the question on the strength remaining after liquefaction, static undrained strength
tests could be performed after cyclic loading leading to liquefaction. But it is also
possible to back analyze some failures involving the flow of soil after cyclic
loading. This information is necessary to analyze stability conditions once
liquefaction is triggered. Figure 5.14 shows the correlation provided by Olson and
Stark (2002) between the liquefied strength ratio and the normalized CPT point
resistance. The ¢, values reported above for the Barcelona Harbour silty soil,
below the caisson foundation, are low (just a fraction of 1 MPa). Figure 5.14
shows that a low value of post-liquefaction strength ratio, ranging between 0 and
0.06, may be operative in this case.

5.4 Settlement Records and Their Interpretation

New caissons, built after the failure, were monitored and settlement records for an
extended period of time were obtained (Fig. 5.15). They can be interpreted to
derive average values of the foundation soil coefficient consolidation and
stiffness. Note that the soil stiffness was already determined in oedometer tests
performed on samples. However, the integrated field value provided by caisson
settlement records is more reliable.

0,
0.40

0.80

1.20

Settlement (m)

1.60

0 60 120 180 240 300 360 420 480
Time after caisson sinking (days)

Figure 5.15 Settlement records for Caissons 5, 6, 7, 8, 9, 10 and 11 built after the failure of
the first four caissons. Settlement records are plotted with a common time origin.

All the settlement records of caissons located in the vicinity of the failed ones
were similar. They could be used to derive a field relationship between degree of
consolidation, U, and time. U was calculated, for each time, as the ratio between
the current settlement and the maximum value, at long term (around 600 days),
which is easily identified in the settlement records. The relationship between U
and time is plotted in Figure 5.16 in natural, log scale and square root of time.
Settlements are linearly related to the logarithm of time with a good
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approximation. The root of time plot is non-linear and this is an indication of the
progressive reduction in time of the coefficient of consolidation, as shown below.
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Figure 5.16 Average degree of consolidation from caisson settlement records: (a) natural
time scale; (b) logarithmic time scale; (c) square root of time scale.

Davis and Poulos (1972) published the solution for the consolidation of a strip
loading, which is useful to interpret the settlements of a caisson. They made
assumptions equivalent to the classical one-dimensional Terzaghi consolidation
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equation (constant coefficient of compressibility and permeability, soil deforms
only in vertical direction). The solution for a permeable top and base is reproduced
in Figure 5.17. For a given time, the degree of consolidation increases the more
“three-dimensional” is the dissipation effect, i.e. for increasing values of the ratio:
thickness of consolidation layer, /, over half width of the strip loading, .

In our case, #/b = 2 and Figure 5.16 indicates that the solution is very close to
the one-dimensional Terzaghi solution. The one-dimensional solution is almost
exactly reproduced by the closed form equation

v= L
T

for U < 0.526 (see also Chapter 2). Since T =cvt/H2, Equation (5.9) may be
used to find values of ¢, (H is the half thickness of the consolidation layer: H =
10.5 m). For every pair of (U, #) values, an estimation of ¢, is found. Table 5.1
provides ¢, values for the first three months of the consolidation process.

(5.9)
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Figure 5.17 Degree of consolidation vs time factor. Strip footing, permeable top,
permeable base (after Davis and Poulos, 1972; the original notation has been maintained).

Table 5.1 Coefficient of consolidation from time-settlement records.

1 (days) 15 30 45 60 90
¢, (m’/day) 0.748 0.702 0.60 0.53 0.46
¢, (cm’/s) 0.086 0.081 0.07 0.061 0.053

As expected, ¢, decreases with time probably because of the reduction in
permeability as the soil void ratio decreases. In order to estimate the soil
permeability, it is necessary to know the soil confined (elastic) stiffness, £, since

Zom (5.10)
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E,, is expressed in terms of the compressibility index C,.as

_(+¢)o,

. 5.11
" 0.434C, 1D

Below the caisson base, at a depth equal to caisson half-width, the vertical
stress in the soil is estimated to be (22+10x8) = 300 kPa. Therefore E,, =~ 5,250
kPa. Then, Equation (5.10) provides a soil permeability of k = 1.5x 10™* m/s for ¢,
= 0.7 m*/day. For the first stages of consolidation, which are the relevant ones in
our case, the foundation soil reacts with a ¢, value in the vicinity of 0.75 m*/day.

The result, even if it is only approximate, indicates that the foundation soil is
rather impervious. It will react in an undrained manner when subjected to
relatively rapid loading (wave action or caisson sinking) and failure will be also
undrained. The relevant strength property will be the undrained strength.
Undrained failure will be also the critical one because these soft soils generate
positive pore water pressures when sheared, which implies lower strengths, if
compared with the drained case (see Fig. 5.18). Given an initial stress state I on
the Kj line, the undrained path (U) will lead to the shear strength c,. By contrast, a
direct application of Coulomb’s law implies path D and a higher, unrealistic, and
unsafe shear strength 7. See Chapter 6 for a more detailed discussion on this issue.
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Figure 5.18. Undrained and drained triaxial stress paths.

5.5 Safety During Caisson Sinking

5.5.1 Caisson weight

Once dredging ended in October 2000, the coarse granular base was backfilled
into the opened trench on the sea bottom. The berm was levelled and prepared for
caisson sinking in May 2001. Actual sinking took place in the middle of October
2001. The storm and the caisson failure arrived 20 days later. (The caisson
construction history is schematically indicated in Fig. 5.19.)

Unloading due to dredging and the subsequent granular filling did not restore
exactly the initial effective stress in the clayey silt but it was very close. Changes
in water content were minor and therefore the natural soil essentially maintained
the original undrained strength profile shown in Figure 5.6.
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Caissons cell volume amounts to 55% of total volume. When cells are filled
with water, the caisson sinks. The granular base was levelled at elevation —17.50
m and, therefore, after sinking, the upper 2 m of caissons remained above the sea
level. The effective weight of the caisson per unit length (1 m) in the longitudinal
direction is:

Wl =19.6x19.5x(0.55y, +0.45y,)~19.6x17.57, (5.12)

water

where vy, y, are the unit weights of concrete and sea water. For
v, =23kN/m’ and y, =10 kN/m® , W/ =2,628 kN/m . The vertical net stress

water

against the foundation is "™ = 2,628 kN/m/19.6 m =134 kPa .

When filled with submerged sand the caisson effective weight against its
foundation, per unit longitudinal length of caisson, is

W.. =19.6x19.5x(0.55y,,, +0.457,)~19.6x17.57, (5.13)

sand

It was estimated that vy, , = 18 kN/m’. Also, Y,,... = 23 kKN/m’ and therefore
w! =0 =47310 kN/m. The applied effective vertical stress on the caisson base

sand

is g= 0/19.6 m = 220 kPa.
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Figure 5.19 History of caisson construction and failure.

5.5.2 Bearing capacity

Davis and Booker (1973) found the exact solution for the bearing capacity of a
strip footing when the undrained strength increases linearly with depth according
to the relationship

¢, =C Pz, (5.14)

where p is a constant. The upper granular layer (Fig. 5.6) introduces some

additional bearing capacity, but it is probably very small. In fact, the lateral extent
of the berm is small. If a simple failure mechanism is considered, the sole effect of
the granular layer is to provide a frictional resistance 7 (Fig. 5.20). Being at the
surface and having only a thickness of around 2 m, the confining stress in the
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granular berm is very small compared with the contribution of the natural soil. It
will be accepted, for simplicity, that only the natural soil contributed to the
bearing capacity.

The theoretical bearing capacity was written, by Davis and Booker (1973),

O/B=F[(rn+2)c, +pb/4], (5.15)

where F is a correction factor that depends on the ratio pb/c,, and may be found

in Figure 5.21.

Equation (5.15), for ¢, = 20.25 kPa; p=(67.5-20.25kPa/2lm=
2.25kN/m’ and F = 1.35 (for pb/c,, = 2.25kN/m’ x19.6m/20.25kN/m’* =2.2;
see Figure 5.20 for rough footing), provides Q/b =155 kPa, which is lower than
the applied caisson net stress if filled with sand (220 kPa).

Caissons, however, were initially filled with water before replacing it with
sand. The net stress on the foundation of a water filled caisson is 134 kPa.

Therefore, the safety factor when the caissons were sunk with water ballast can be
calculated as SF =155/134=1.16.

Figure 5.20 Sketch to illustrate the frictional resistance to failure offered by the granular
berm.

The theoretical expression (5.15) predicts conditions very close to failure at
the time of caisson sinking. Three-dimensional effects, due to the finite
rectangular shape of the caissons base, leads to an increase of the bearing capacity
and this effect may explain that the caissons remained stable. Also, the limited
thickness of the upper granular term provided some additional bearing capacity.
On the other hand, if the undrained strength was actually somewhat higher (Eq.
(5.1) with @ = 0.30, for instance), the safety factor against failure would also
increase. Safety factor increases linearly with ¢,, and a value of @ = 0.30 would
resultin SF =186/134=1.4.

It is difficult to be more precise, but the fact is that the caissons did not fail
during sinking. However, the estimation made points towards a small safety factor
above one. Beyond this moment, the consolidation of the soil under the caisson’s
weight will increase the available shear strength in the natural soil. The caisson
was then loaded with its definite weight (when filled with saturated sand), it
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consolidated during a few weeks, and eventually it received the storm-wave
loading.

Before analyzing these processes, it is worth investigating if the theoretical
undrained bearing capacity obtained by Davis and Booker for a strip footing on a
clay soil whose strength increases with depth, may be approximated by a simpler
kinematically admissible mechanism, using the upper bound theorem of plasticity.
The reason behind this approach is to prepare the ground for subsequent
calculations involving the wave action and a more complex distribution of
undrained strength with depth. In fact, the consolidation process will lead to a
“map” of ¢, values which will match the “map” of mean effective stresses (Eq.
(5.2)). This distribution, changing with time, will be substantially different from a
linear variation of ¢, and it will not be amenable to theoretical solutions. However,
the plasticity theorems still provide an approximation. It then seems wise to try to
establish some confidence on the assumed failure mechanism (based on the upper
bound theorem). The way to do it is by comparing the exact solution provided by
Davis and Booker (1973) with the upper bound approximation.

i
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1.8
/b=F[(2+n)c, +pb/d
| —ry Q/b=F[(2+7) ¢, +pb/4]
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1.4 Smooth Fg
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Figure 5.21 Correction factors for rough and smooth footings (after Davis and Booker,
1973).

5.5.3  An upper bound solution for a rough strip footing founded on clay
with a linearly increasing strength with depth

Figure 5.22 shows the critical velocity field found by Davis and Booker (1973) in
their exact solution to the bearing capacity problem (infinite, rigid smooth
footing). The mechanism is symmetric with respect to the axis of the footing.

Even if the rough footing is a more realistic case, this mechanism suggests the
simplified symmetric mechanism, based on rigid triangular wedges, indicated in
Figure 5.23.
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Figure 5.22 Velocity field for smooth footing (after Davis and Booker, 1973).
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Figure 5.23 Symmetric failure mechanism for upper bound analysis of strip footing under
vertical load.
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Figure 5.24 Nonsymmetric failure mechanism for upper bound analysis of strip footing
under vertical load.

Consider one of the two symmetric mechanisms that receive half of the
external load (Q/2). This mechanism will be optimized with respect to the angle o
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shown in Figure 5.23. The motion of this mechanism is characterized by the
virtual displacement rate vector §,, which defines the motion of wedge A'B'E’

sliding on the straight segment A'B’. The length of segment A'B’ in terms of
caisson width, b, is L =b/(4cosa). The undrained strength will be defined by the
linear function ¢, (z) =c,, +pz.
The dissipation along A'B’is calculated as follows
W = [ c,()8,dl = [ (.0 +p2)8,d1 = [ (c,q +plsina)s,d =
] (5.16)

L
=9, {cuol+gl2 sina} =9, b (cuo +p—btana
2 o 4cosa 8
Consider now the dissipation along B'C’. The relative motion &, between the
moving wedges B'C'E’ and the rigid soil along B'C’ is given by 8, =23, cosa
in view of the motion compatibility condition expressed in Figure 5.23b.
The z coordinate of line B'C’ is z =btana/4; then

2
Wye =c, [z = bti%j@ g = [cuobcosa+p%sina]61. (5.17)

Considering the hypothesis of rough footing, dissipation along the line A'E’ is
b
Wie =Cu 581 cosa. (5.18)
Dissipation along lines A'B’, B'E’, E'C’' and C'D’ is equal and therefore the total
internal dissipation work on the mechanism will be
Woe = 4Wg + Wy +Wyip. (5.19)

The external work performed by Q/2 is calculated as

ext

/4 2281 sin oL (5.20)
2
Making Win=Wex, O is isolated in terms of a, ¢, p, b :

b (8¢c,, +pbtana +12¢,, cos® o+ 2pbsin o.cos o
Q:—< : L ) (5.21)
4 sinocosa

The best upper bound solution for Q is its minimum value with respect to a. This
minimization calculation was performed with the help of the built in “solve”
function including in Excel. For b = 19.6 m, ¢,o= 20.25 kPa, and p=2.25 KN/m®

a minimum value of O/b = 182 kPa is obtained for a critical angle a equal to 50.8°.
The theoretical value (Davis and Booker, 1973) for rough footing provides a
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value Q/b = 155 kPa. The error of the simple upper bound mechanism is 17%, a
reasonable value in practical terms. This result indicates that the triangular wedge
mechanism in Figure 5.22 is an acceptable approximation to calculate the bearing
capacity factor for strip footings resting on a clay soil with a linearly increasing
strength with depth. It should be stressed that the main purpose of the analysis
developed in the remaining part of the chapter is to examine the variation of safety
factor during the consolidation after caisson sinking, subsequent filling with sand,
and storm action. The upper bound calculations provide a simple and practical tool
to evaluate the sequence of events leading to caisson failure.

However, if a horizontal load is also acting on the caisson, because of wave
action, a symmetric mechanism cannot possibly occur and a more likely
mechanism is indicated in Figure 5.24. We call it a nonsymmetric failure
mechanism. Let us consider first this mechanism under a vertical load. The
calculation is now almost identical to the previous one. Note that in this case the
caisson will not displace with respect to the wedge AEB along the line AE.
Therefore, no dissipation will be calculated on segment AE. Repeating previous
steps, the dissipation on segments AE and BC will be

b
W,, = 9, (Cu() +lpb tan a], (5.22)
2coso 4
Wy = (Zbcuo cos o+ pb’ sin (x)Sl. (5.23)

The internal dissipation work will be W, =4W,, + W, . The external work is now
given by:
W, =00, sino. (5.24)
Making the two works equal and isolating Q,
b (4cMO +pbtana+4c,, cos’ o+ 2pbsin a.cos a)

0= , , (5.25)
2 Sin o, cos o

which is different from the Q value calculated for the symmetric mechanism.

The minimization of Q with respect to o was also performed on an Excel
sheet. For the same parameters previously considered (b = 19.6 m; ¢, = 20.25
kPa; p= 2.25 kN/m’), a failure unit load O/b = 209 kPa was calculated (for a

critical angle o equal to 44.5°) which is 15% higher than the load calculated for
the symmetric mechanism. This nonsymmetric mechanism will be used when
wave action is considered, as mentioned above.

Caisson consolidation resulted in increasing ¢, values and in increasing safety
factor against bearing capacity failure.

Two weeks after the caisson first sinking, caisson cells were filled with sand.
This increase in net weight will be also analyzed below in order to determine the
associated safety factor. In the days that followed the sand filling, caisson
consolidation continued and the soil undrained strength had to be estimated before



110 Geomechanics of Failures Chapter 5

analyzing the storm effect on caissons.
Therefore, the next step in the analysis was to investigate the caisson
consolidation and the increase in soil strength.

5.6 Caisson Consolidation. Increase in Soil Strength

Actual settlement records of caissons built after the failure, shown in Figure 5.15,
indicate that a significant consolidation may be achieved in a few weeks. Points of
the soft foundation soil close to the upper pervious granular layer would
experience a rapid consolidation under the full caisson loading. Clay levels located
close to the lower pervious sandy boundary will also consolidate fast but the stress
increments reaching the lower sand levels will be significantly lower. Caisson
consolidation leads to a progressive increase in effective stress and therefore to an
increase in undrained strength. For the reasons mentioned, however, the new
distribution of undrained strength values will be non-homogeneous and also far
from the initial linear distribution with depth. This will be especially the case of
the foundation soil directly under the caissons.

The increments of undrained strength will be simply calculated as a fraction
of the increment in effective mean stress through Equation (5.2). Therefore, the
objective now is to calculate the distribution of effective mean stress under the
caisson loading, taking into account the consolidation process. The calculation
will be split into two parts:

- Stress increments under a strip footing and determination of excess pore

pressures.

- Dissipation of the induced excess pore pressures.

5.6.1  Stress increments under a strip footing and determination of
excess pore pressures

This analysis will be guided by the subsequent use of the calculated undrained
strengths. In fact, the ultimate objective is to determine the failure load and to
compare it with the actual caisson loading. Failure conditions will be calculated by
means of the upper bound theorem of plasticity, through the mechanisms already
examined (Figs. 5.23 and 5.24). Consider in Figure 5.25 the two alternative
mechanisms proposed here: a symmetric one (already identified as an adequate
solution for vertical loading only) and the non-symmetric, one which will be
employed when including wave action.

Upper bound calculation will require the determination of plastic work
dissipation on segments AB, A'B’, etc. Since non-linear strength variations will
be the rule, a minimum of three control points are proposed to estimate by a
simple numerical integration, the average strength on each of the sliding surfaces
of the two mechanisms shown in the figure. Those points (marked as open circles)
define a number of vertical profiles characterized by the horizontal coordinate
distances to the left caisson foundation corner indicated in Figure 5.25.

Pore pressure dissipation will be dominated by the vertical flow towards the
upper and lower drained boundaries. A hypothesis of vertical consolidation, which
is close to real conditions, as justified in Equation (5.4), helps to perform the
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consolidation analysis. The following sequence of steps will be considered (the
starting point — time = 0 — will be the initial sinking of caissons):

a) Stress increments in the foundations are determined. Elastic solutions for
strip loading are used. Stress calculations are performed in vertical
profiles located on the horizontal coordinates shown in Figure 5.25 (x =
0,4.9,9.8 m... etc.). The reason for this choice has already been given.

b) Mean total stress will be computed in points located on the vertical
profiles. Excess pore pressures (over hydrostatic values) will be made
equal to the increments of mean stress. This is a reasonable and
sufficiently accurate assumption.

¢) Excess pore pressures will be dissipated vertically towards the upper and
lower drainage boundaries in a one-dimensional process. A time period
of 14 days will provide the state of the foundation before sand filling the
caissons.

d) Mean effective stress will be calculated as a difference between
calculated total stresses and pore water pressures. An updated distribution
of ¢, values will be calculated through Equation (5.2).

e) Caisson failure loads will be determined through the upper bound
theorem. The safety factor will be determined.

- b=196m T
196 45 294 43 392
hl
B' c
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Figure 5.25 Geometry of the symmetric (A'B'C'D'E’) and nonsymmetric ( ABCDE )
failure mechanisms. Position of vertical profiles for the calculation of undrained soil
strength.

5.6.2 Stress increments

a) Calculation of stress increments in the foundation

Poulos and Davis (1973) published the stress distribution beneath a strip loading
uniformly loaded. With reference to Figure 5.26, the stresses on a point in an

elastic half space, defined by their coordinates (x,z) or, alternatively, by angles o
and J are given by

q .
=1 28) |, 5.26
o, Tc[ot+smotcos(oc+ )J (5.26a)
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q .
==|a- 29) |, 5.26b
o, n[oc sin o.cos (. +23) | ( )

o,=v(c,+0,), (5.26¢)
T = 1sinacos(a+26). (5.26d)
n

b) Mean stress and initial excess pore pressures

The mean stress is calculated as

_ GX+G'V+GZ _ 2(1+V) qa

=p= , 5.27
S, =P 3 r— (5:27)
where
x b—x
o = arctan (—j + arctan( j (5.28)
z z
]
q=Q/b
1 ! 1) -
X
S
o
. (x,2)

Figure 5.26 Uniform strip loading. Coordinate system (Poulos and Davis, 1973).

5.6.3 Initial excess pore pressures

The calculated profiles of o, (which is equal to the initial excess pore pressure) at

a few horizontal coordinates indicated in Figure 5.25 (x = 9.8, 12.25, 19.6, 22.05
26.95 and 34.30 m) are given in Figure 5.28 for ¢ = 0. The actual sequence of
caisson loading is shown in Figure 5.27. After sinking, caissons remained full of
water during 14 days. The external load ¢ in this period was the net stress applied
by the caisson at the time of sinking (caissons filled with water: ¢ = O/b = 134
kPa). The time of sinking is ¢ = 0 for the remaining of the analysis. At ¢ = 14 days
caisson cells were filled with sand and the net stress on foundation increased to
220 kPa. The storm arrived at £ =21 days.

Figure 5.28 shows two kinds of shapes for the distribution of the initial excess
pore pressure due to the caisson loading (solid line). Under the caisson (x =0+ to
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x =19.6 m), the mean stress reaches a maximum at the caisson-soil contact and a
minimum at the bottom of the clay stratum (at a depth of 21 m under the caisson’s
base, where the pervious sand layer is encountered). On both sides of the caisson
(x>19.6 m) the stress increment at the surface is zero. It increases to reach a
maximum at some intermediate depth and decreases again. The intensity of the
mean stress increments decreases as the distance to the caisson base increases.

A dissipation process of excess pore pressures will immediately start towards
the upper and lower drainage boundaries and, in parallel, mean effective stresses
will increase. These are steps c) and d) of the description of the process leading to
an increase in soil strength.

Caisson
sinking
(Caissons Sand
full of water) filling Storm
q=134+86=
q=134kPa =220 kPa

! | | —
0 7 14 21 t(days)

Figure 5.27 Caisson loading sequence.

5.6.4 Excess pore pressure dissipation

The initial excess pore pres